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In this study, centrifuge model tests were performed to evaluate the bearing capacity 
of a clay bed improved by sand compaction piles under caisson loading. The model 
sand compaction piles were installed in-flight, using an in-flight installation system 
developed previously in the NUS Geotechnical Centrifuge Lab. The improved ground 
was loaded in-flight via a hollow model caisson by in-filling with a ballast fluid. The 
ultimate loads from the model tests were calculated using a hyperbolic plot. 
 
A simple method of evaluating a lower-bound estimate of the increase in undrained 
shear strength due to the installation process was proposed based on a semi-empirical 
version of cavity expansion theory and superposition principle to account for pile 
group effect. Firstly, a method of estimating the corresponding increase in tangential 
and vertical stresses is proposed. Secondly, an excess pore pressure dissipation 
analysis is performed using finite element analysis assuming linear elastic behaviour 
of the soil. From the volumetric strains obtained, the change of undrained shear 
strength is calculated. The increase in undrained shear strength obtained was found to 
be a lower-bound estimate when compared to published data. 
 
The effect of this increase in undrained shear strength on the calculated bearing 
capacity of a caisson foundation was evaluated and compared with data from the 
centrifuge model tests. This was done using limit equilibrium analyses, with the sand 
compaction pile rows modeled as granular pile walls. The analyses indicate that 
accounting for the increase in undrained shear strength due to installation leads to a 
 vi 
slight but consistent increase in the calculated safety factor. A particular test with an 
area replacement ratio of 22% was analysed to demonstrate the potential saving in 
sand if the increase in undrained shear strength was accounted for. It was found that it 
performed like a grid with a replacement ratio of 24%, indicating an 8% savings in 
sand. A further study was also conducted on a slightly larger sand pile grid wherein 
the SCPs extend beyond the loaded area. This shows a higher potential saving in sand 
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1.1 Overview of the Sand Compaction Pile method 
 
The installation of sand compaction piles (SCPs) is a commonly used method for rapid 
improvement of soft clay soils, especially in underwater conditions, such as that which 
exists in land reclamation project (e.g. Wei et al., 1995). In regions where sand is readily 
available, SCPs are likely to be a much more cost-effective option for ground 
improvement than chemical methods such as jet grouting and cement mixing. The SCP 
method of ground improvement was first proposed by Murayama (1957, 1958) and 
Tanimoto (1960). Aboshi et al. (1991) outlines the development of the SCP method as 
follows: The first method of driving in the casing was by hammering in 1957. This 
method is still in use in certain places (Christoulas et al., 2000). In Japan, this later gave 
way to vibrating of the casing to penetrate the soft soil. The SCP method was extended to 
offshore applications in 1967; in 1981 an automated system was introduced to 
accommodate the variation in soil properties with depth. More recently, Yamamoto & 
Nozu (2000) report the development of a non-vibratory method of driving in the casing 
using a rotary system. This reduces the ground vibrations that generally characterize the 
installation of SCPs.  
 
SCPs are often installed to improve soft, clayey soils with shear strength from as low as 5 
kPa to as high as about 30 kPa (e.g. Barksdale & Takefumi 1991, Wei & Khoo 1992).  In 
Singapore, SCPs have been used in several reclamation projects, typically in soft marine 
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clay layers with shear strength of about 10 to 15 kPa and water content ranging from 50 to 
80% (Wei & Khoo, 1992).  In a field trial at Wakasa Bay, Japan, SCPs were installed in 
soft clay with unconfined compressive strength increasing with depth from 5kPa to as 
high as 60kPa (Yagyu et al., 1991). SCPs have also been installed in loose, sandy soils, 
for example in a hydraulic fill reclamation project in Taiwan, for a liquefied natural gas 
receiving terminal (Chung et al., 1987). The methods and equipment for application to 
sandy ground is identical to that for clayey ground, which testifies to the versatility of the 
method (Aboshi et al., 1991).  
 
1.2 Materials used and method of installation 
 
Sand Compaction Piles (SCPs) fall under the category of granular piles (Bergado et al., 
1996), which includes sand columns and stone columns. In reality, the granular materials 
which have been used in SCPs are varied. Barksdale & Takefumi (1991) noted that sand 
is usually used for improvement work although there has been limited use of gravel and 
crushed stone.  Typical gradation specifications require a well-graded fine to medium 
sand with D10 between 0.2 to 0.8 mm and D60 between 0.7 and 4 mm. On the other hand, 
Kitazume et al. (1998) examined the application of copper slag sand for the SCP through 
a series of centrifuge tests and a field trial. Oxygen furnace slag has also been used 
(Nakata et al., 1991). Yamamoto & Nozu (2000) also reported recent attempts to use 
waste soil with rather high fines content of up to 25 % in the SCP method. This is used in 
conjunction with vertical drains as the drainage properties of the piles formed are much 
poorer compared to traditional materials.  
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Typically, SCPs are often formed by the Vibro-Composer method (Aboshi et al. 1979), 
which is illustrated in Fig. 1.1. This method involves driving a casing downwards using a 
large vibratory hammer. When the casing reaches the desired depth, it is charged with 
sand and then withdrawn over a prescribed height as sand is discharged from the base of 
the casing. The casing is then partially re-driven to squash and thereby increase the 
diameter of the discharged sand plug.  By repeating the cycle of casing withdrawal and 
partial re-driving, a well-compacted sand pile that is of larger diameter than the casing is 
produced.  The typical diameter of a SCP lies between 700 to 2000 mm (Ichimoto & 
Suematsu, 1982).  A special end restriction is often used to prevent the plugging of the 
casing by clay during driving (Barksdale & Takefumi, 1991). 
 
1.3 Use of Sand Compaction Piles 
1.3.1 Use of Sand Compaction Piles worldwide 
 
Barksdale & Takefumi (1991) reported extensive usage of SCPs in Japan, with over 60 
million meters installed by just one company over a 25-year period.  The authors report 
that in Japan, SCPs are used primarily to support stockpiles of heavy materials, tanks, 
embankments for roads, railways and harbour structures. In the last area of application, 
SCPs have been used extensively to improve soft ground in land reclamation works.   
 
Recent earthquake experience indicates that SCPs significantly enhances the resistance of 
the ground to earthquake damage. For instance, during the 1978 Miyagiken-oki 
earthquake, petroleum storage tanks built on SCP improved ground suffered virtually no 
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damage from liquefaction (Aboshi et al., 1991).  During the Kobe earthquake of 1995, 
locations that overlie loosely- placed fill on top of soft alluvial clay in Port and Rokko 
Islands were extensively damaged due to liquefaction.  On the other hand, areas improved 
by vibro-compaction and SCPs suffered much less damage (Soga, 1998).   
 
SCPs have been used widely as foundations for waterfront caissons, even in ground of 
varied soil types. Moroto & Poorooshasb (1991) reported the settlement of concrete box 
caissons placed over SCP-improved ground in the Amori harbour during the Mid-Japan 
Sea earthquake of 1983.  The area replacement ratio, as, used at the Amori Harbour is 
70%.  The soil profile shows variation in soil type both with depth and across the harbour 
due to deposition from the Tsutsumi River. They observed that younger caissons suffered 
greater settlement than their older counterparts. This seems to suggest some continuing 
improvement in the performance of SCP-improved ground over time, which may be due 
to consolidation or pore-pressure dissipation effect.   
 
Shin et al. (1991) also reported the use of SCP, together with sand drains and preloading, 
to improve the ground for a steel mill complex in South Korea.   The site is on a delta 
formed at the convergence of the Sum Jin and Su Oh rivers, 300 km south of Seoul.  The 
reclaimed area was about 1.45 million m2.  The in-situ soil conditions consisted of 0 to 5 
m of sand overlying 5 to 20 m of clay, which is, in turn, underlain by gravel and/or rock 
depending on the location (Fig 1.2). This again illustrates the wide applicability of the 
SCP method, effective in soils that vary significantly with depth.  The sandy layer had 
SPT values varying from 3-10.  The clayey ground was normally consolidated, with a 
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sensitivity ranging from 3-6. The improved site supports a stockpile of heavy materials, a 
slab yard, oil tanks, embankments for roads and railways, and factories.   
 
Nakata et al. (1991) also reported the use of SCPs to restore the alignment of driven steel-
pipe piles supporting an overhead crane that had been displaced due to lateral soil 
movement caused by loading by a stockpile of steel slabs. The principal reason for the 
lateral movement was deemed to be a lack of ground improvement just outside the yard. 
The movement of the rails for an overhead crane at a steel stockyard in Chiba Works 
exceeded the allowable limit requiring immediate action. Oxygen furnace slag (with 
maximum grain size 40mm) was used as the granular material to form the SCPs.  Design 
and construction by conventional methods were practically impossible since there was no 
easy way to predict the movement of the steel-pipe piles due to SCP driving.  Hence an 
observational method was adopted, based on feedback data of the movement of the crane 
columns, foundation movements, ground movements, earth pressure and pore-pressure 
measurements.  
 
1.3.2 Use of Sand Compaction Piles in Singapore 
 
In Singapore, the primary application of SCPs is in land reclamation works.  The land 
reclamation works at Tanjong Rhu and Marina Bay were carried out with the use of SCPs 
installed in soft marine clay (Wei & Khoo, 1992). The area replacement ratio was 70% 
and the SCPs used were 2m in diameter. The depth improved varied from 6 to 33 meters, 
and a total of between 8000 to 9000 piles were installed.  SCPs were also used in the 
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reclamation of the site for the Malaysia-Singapore Second Crossing at Tuas (Wei et al., 
1995). A total of 16 000 meters of sand piles of 2m diameter were installed in the ground 
improvement works. 
 
At the container terminal at Pasir Panjang, 2m-diameter SCPs were installed at an area 
replacement ratio of 70%, as a foundation for caisson wharf structures (Ng et al., 1995). 
Tan et al. (1999) reported the movement of several of these caissons over time and noted 
that pre-loading the caisson was beneficial in reducing both total and differential 
settlements.  
 
1.4 Design methods 
1.4.1 Bearing capacity 
1.4.1.1 Introduction 
 
In spite of the differences in installation methods, the design procedures for estimating the 
bearing capacity of the ground improved by SCPs are similar to design methods for other 
granular columns. Typically, the granular column is assumed to be cohesionless material 
while the ambient clay is assumed to be undrained. Generally, there are 4 main failure 
mechanisms assumed in the design process (Aboshi & Suematsu, 1985; Barksdale & 
Bachus, 1983) namely:  
(i) circular slip surface for a grid (utilizing the Unit Cell and Profile methods),  
(ii) column bulging (Passive Earth Pressure and Cavity Expansion methods),  
(iii) punching failure of short columns not founded on hard stratum and  
 1-7 
(iv) general shear failure for short, end-bearing columns.  
 
1.4.1.2 Unit Cell Approach & Profile Method 
 
The Unit Cell Approach (Aboshi et al., 1979) assumes that the ground behaves as a 
cluster of unit cells consisting of a single column and its tributary clay. Asaoka et al. 
(1994a) and Shinsha et al. (1991) noted that this is the most popular design method for 
SCP improved ground.  It is also the recommended method by The Overseas Coastal Area 
Development Institute of Japan (OCDI, 2002). If the ground deforms uniformly, the stiffer 
sand column will experience a stress concentration (Fig. 1.3). The following equations 
(Aboshi et al., 1979) are obtained based on equilibrium: 
 
σ = σs⋅as + σc (1-as) (1.1) 
σc = σ / [1+ (n-1)as] = µc σ (1.2) 
σs = nσ / [1+ (n-1)as] = µs σ (1.3) 
 
where σ is the average loading intensity, σc is the stress on the clayey soil, σs is the stress 
on the SCPs, as is the area replacement ratio. Also: 
 
µc = σc / σ (1.4) 
µs = σs / σ (1.5) 
n = σs /σc (1.6) 
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Aboshi et al. (1979) report values of n ranging from 3-5 from field measurements. It is 
important to note that the unit cell concept employed in the use of the stress concentration 
ratio strictly is not applicable to a case where the improved ground does not approach the 
“infinitely large loaded area” case. In particular, the SCP at the edge of the loaded area 
will experience rather different n values from those within the grid. (Al-Khafaji & Craig, 
2000). 
 
The stress concentration ratio allows the domain consisting of soft soil with compacted 
sand columns to be considered as a composite ground with characteristics that are 
representative of the behaviour of the actual improved ground.  Aboshi & Suematsu 
(1985) proposed that the shear strength of the composite ground can be obtained via the 
relationship (Fig. 1.4):  
 
τsc           =        (1-as) ⋅ c + as (µs ⋅ σ  + γs ⋅ z) tanφs ⋅ cos2α  (1.7) 
 
where τsc is the shear strength of the composite ground, c is the shear strength of the clay, 
γs is the unit weight of the sand pile, σ is the vertical stress from the loading. z is the depth 
of the sliding surface, φs is the angle of internal friction of sand and α is the angle of the 
sliding surface. The stress concentration coefficient of the sand pile, µs  =  n / [1 + (n-1) ⋅ 
as ]. The shear strength of clay, c is given by the expression 
 
c = co + µc ⋅ σ ⋅ U ⋅ (c/p)     (1.8) 
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where co is the initial strength of the clay, U is the degree of consolidation, c/p is the ratio 
of increase in shear strength of the clay to the increase in overburden stress due to 
surcharging, and µc is the stress reduction coefficient of the clay and is given by µc = 1 / 
[1 + (n-1) ⋅ as ]. Thus from the stress concentration ratio n, the area replacement ratio as 
and the strength parameters c and φs of the SCP, the properties of the equivalent 
composite ground can be obtained. Bergado et al. (1996) termed this method an “average 
shear strength” method.  
 
Enoki et al. (1991) proposed an alternative to the design method proposed by Aboshi et 
al. (1979) for bearing capacity calculations.  Instead of treating the improved ground as a 
hypothetical ground with composite shear strength of the sand columns and clay, they 
propose an anisotropic Mohr-Coulomb (c-φ) model. Doing so enables the effects of lateral 
stresses on the soil element (Fig. 1.5) to be accounted for by this model. Also the authors 
proposed using the generalized limit equilibrium method (GLEM) of analysis instead of 
the Fellenius method for slip circle analysis.   
 
It is important to note that where stress concentration is accounted for in the Unit Cell 
approach, standard computer programs cannot generally be used (Bergado et al., 1996). 
For stress concentrations, hand calculation is preferred. An alternative method is to use 
the Profile Method (Barksdale & Bachus, 1983; Bergado et al., 1996) where each row of 
granular piles is converted into an equivalent continuous strip. The effect of stress 
concentration can be then handled by placing thin, strips of “soil” with no shear strength 
above the strips of in-situ soil and granular pile, of the appropriate weight, according to 
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the chosen stress concentration ratio. Controlling the trial radii and centers of rotation will 
prevent failure from being governed by the fictitious weak “soil” layer.  
 
1.4.1.3 Passive Earth Pressure approaches 
 
Although the Unit Cell and Profile methods are useful for analyzing global failure 
mechanisms of the improved ground, they are less useful for predicting local failure. For 
instance, Brauns (1978) suggested that the assumption of plane-strain conditions is less 
applicable to lower area replacement ratios. He proposed an alternative approach by 
assuming that the higher portion of the granular column yields like a cylindrical 
axisymmetric sample. Greenwood (1970) noted that the governing local failure 
mechanism for the improved ground is often bulging of the granular column when loaded. 
By assuming plane strain conditions, Greenwood (1970) suggested that the lateral earth 
pressure σh resisting bulging using earth pressure theory is given by the relationship 
 
σh = Kp (γz + q) + 2cu (Kp)0.5 (1.9) 
  
in which Kp is the passive earth pressure coefficient and cu is the undrained shear strength.  
By assuming that the sand column is in a state of full Rankine active failure, the ultimate 
capacity of a sand column is given by:  
 
qult = σh [(1 + sinφs) / (1 - sinφs)] (1.10) 
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Wong (1975) proposed a modification to Greenwood’s (1970) relations to account for 
larger column settlement and complete failure. The initial stress state of the granular 
column was assumed to follow the stress state of particles in a bin or silo. The following 
expression for the lateral stress at failure was proposed: 
 
σh = 2[ 3Dγc (1 – (3D/2H)Kp + 2cu(Kp)0.5] (1.11) 
 
where D is the column diameter, H is the height of the column and γc is the bulk unit 
weight of the ambient clay. Barksdale & Bachus (1983) however suggested that the 
required surface deformation to achieve the calculated lateral stress at “failure” state 
analysed by Wong (1975) may perhaps be too large.  
 
1.4.1.4 Cavity Expansion approaches 
 
Apart from plane strain Rankine approaches, cavity expansion theories (CETs) have also 
been used to predict bulging of sand columns. In a proposed design method for stone 
columns, Hughes & Withers (1974) assumed that at failure, the loaded columns bulge in a 
manner that loads the soil similar to a cylindrical cavity expansion process. This leads to 
the lateral stresses in the clay σh being given by the relation 
 
σh = (u + γch) + 4cu  (1.12) 
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where h is the depth below ground level and u is the hydrostatic pore pressure. However, 
in a project for the construction of a large oil tank, Bhandari (1983) reported that the 
method by Hughes & Withers (1974) under-predicted the ultimate load by 2.5 times. The 
actual ultimate load was determined in a load test of the entire grid of 1414 stone columns 
by filling the tank with water. The predicted ultimate load was calculated by multiplying 
the ultimate load computed for a single column by the number of columns in the grid. 
This large error was possibly due to the group effect as noted by Wood et al. (2000), 
which results in load transfer to deeper depths for the columns in the middle of the grid.  
 
Brauns (1978) also proposed a modification by relating the total lateral stresses to the 
rigidity index, Ir defined in Vesic (1972) as the ratio of the shear modulus of the soil to the 
initial shear strength. He proposed the following:   
 
σh = (u + γch) + (1 + ln Ir) cu  (1.13) 
 
1.4.1.5 Punching failure  
 
Barksdale & Bachus (1983) noted that short granular columns not founded on bearing 
stratum could fail by punching through the soft ground, much as a friction pile would. 
This mode of failure would occur if the end bearing plus shaft resistance is less than the 
capacity due to bulging failure. Goughnour & Bayuk (1979) point out that for such 
columns, the weakest plane in the improved ground may be below the toe of the granular 
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columns. Hughes & Withers (1974) suggested that the critical length, lcr needed to avoid 
such a failure mode is given by 
lcr = (D/4)(σs/cu – 9 ) (1.14) 
  
1.4.1.6 General shear failure 
 
Short, end-bearing columns often fail in general shear failure (Barksdale & Bachus, 1983) 
in which the failure surfaces may be approximated by two straight rupture lines. 
Assuming the ultimate vertical stress qu and ultimate lateral stress σ3 to be the principle 
stresses, the limiting equilibrium of the wedge is described by the following equations 
 
qu = σ3 tan2β + 2cave tanβ (1.15) 
σ3 = (γc B tanβ)/ 2 + 2cu (1.16) 
β = 45o + φave/2 (1.17) 
φave = tan-1(µsas tan φs) (1.18) 
cave = (1- as )cu (1.19) 
 
where φave is the weighted angle of internal friction of the clay and the sand.  This 
approach does not consider the feature of local bulging failure of the individual pile. 
Hence, Bergado et al. (1996) conclude that the approach is only applicable to the case in 
which the sand column is surrounded by firmer and stronger soils having undrained shear 
strength greater than 30-40 kPa. For the case of soft and very soft clayey soils, Bachus & 
Barksdale (1983) recommend the computing the pile group capacity by calculating the 
 1-14 
single pile capacity by bulging failure, and multiplying by the total number of piles in the 
group.  
 
1.4.2 Settlement  
1.4.2.1 An empirical method 
 
Greenwood (1970) presented an empirical chart (Fig. 1.6) for the settlement of stone 
columns resting on firm soil, not taking into account shear deformation nor immediate 
settlement. He cautioned that the chart should only be used under the conditions and 
within the range indicated.  
 
1.4.2.2 The equilibrium method and other elastic analysis 
 
The composite ground is characterized by stress concentration on the sand piles and stress 
reduction on the clayey ground (e.g. Aboshi et al., 1979; Aboshi & Suematsu, 1985).  
Thus the settlement itself is reduced by the presence of the stiffer sand piles.  The 
assumption made is that both the columns and clay undergoes the same vertical 
settlement, behaving like the unit cell. Aboshi & Suematsu (1985) suggested that the 
settlement may be evaluated using the equation 
 




where So is the settlement of the clayey soil, mv is the modulus of volume compressibility, 
σ is the vertical stress from the loading and H is the thickness of the clay layer. Equation 
1.20 is rather conservative; by taking into account the stress reduction on the clayey 
ground due to the sand piles, the equation may be modified to  
 
So = mv ⋅ (µc ⋅ σ) ⋅ H     (1.21)   
  
where µc is the stress reduction coefficient previously defined. The settlement reduction 
factor βc, defined by Aboshi et al. (1979) as the ratio of the settlement of the improved 
ground to the original ground can be shown to be: 
 
βc  = 1/ [1+(n-1)as]      (1.22) 
 
Chow (1996) presented a simplified analysis based on elastic theory that was shown to 
give expressions for vertical stresses identical to the equilibrium method proposed by 
Aboshi et al. (1979). Chow (1996) assumes an infinitely wide loaded area and hence the 
applicability of the unit cell concept. He notes that as the area ratio decreases the degree 
of confinement decreases. Since the simplified analysis neglects the radial strain, errors 
arising from the assumption of one-dimensional compression is likely to increase as the 
area ratio decreases.   
 
 1-16 
Priebe (1995) gives a comprehensive design method for ground improved by vibro 
replacement. Several assumptions were made in the proposed analysis to arrive at what 
was called the basic improvement factor, no, namely: 
(a) The granular column is founded on a rigid layer 
(b) The column material is incompressible 
(c) The bulk densities of the column and the surrounding soil are neglected 
(d) The column material shears from the beginning while the surrounding soil 
responds elastically 
(e) The lateral earth pressure coefficient K = 1 because the soil is deemed to be in the 
liquid state as it has been displaced sideways. 
 
Relaxing the assumptions of an incompressible column material and taking into account 
the bulk densities of the sand and the surrounding soil, the basic improvement factor was 
then modified to give a final improvement factor, n2. The settlement s∞ of an infinitely 
large loaded area was proposed as a function of the load p, the depth of the improved 
ground d, the diameter of the column Ds and the final improvement factor n2 as follows:  
 
s∞ = (p d)/(Ds n2)      (1.23) 
 
Priebe (1995) then presented design curves (Figs. 1.7-1.8) for the settlement of a single 
footing and strip footing, related to the settlement of an infinitely loaded area.  A 
deficiency of the proposed method is that the in situ soil is assumed to be unaltered by the 
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installation process. Priebe (1995) also cautions that the procedure is not precise 
mathematically and hence compatibility controls have to be imposed at a later stage. 
 
1.4.2.3 Plastic analysis  
 
Goughnour (1983) presented a plastic analysis based on earlier work by Goughnour & 
Bayuk (1979). Employing the Unit Cell concept, Goughnour (1983) suggested that 
bulging of the column occurs due to particle slippage. Once this plastic state is reached, 
the angle of internal friction determines the relative magnitude of the major and minor 
principle stresses, and very little further stress changes occur. But since the overburden 
and lateral confining stresses increase with depth, the ability of the column to sustain load 
without bulging increases with depth. Hence, the analysis was performed by considering 
successive discs of a particular thickness. Each element was analyzed firstly with the 
stone column considered as a rigid-plastic material, with all the vertical compression 
being accommodated by volumetric compression of the in-situ soil. The analysis was 
repeated assuming the column material to be perfectly linear elastic. The larger of the 
vertical strains arrived at by both methods of analyses was deemed to be the governing 
condition.  
 
1.5 Some field studies  
 
The various design methods generally assume the undrained shear strength, and indeed 
the state, of the ambient clay to be equal to that before installation of the SCPs. However, 
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for the case of the “Compozer” method of forming sand compaction piles, field 
observations indicate a significant increase in undrained shear strength which cannot be 
explained by the effect of surcharge. For instance, Aboshi et al. (1979) presented data 
from field measurements that indicate a recovery of shear strength beyond the original 
value (Fig 1.9).  
 
Using field test data from Maizuru, Asaoka et al. (1994a), noted that the increase in the 
shear strength of the soft clay in the vicinity of the SCPs is too high to be accounted for by 
the conventional method of taking into account of the stress imposed by the loading and 
resultant consolidation (Fig. 1.10). They state that the effects of this increase in shear 
strength should not be neglected, especially for SCPs installed at a low area replacement 
ratio. 
 
Matsuda et al. (1997) likened the effect of installation of SCPs in soft soil to the effects of 
installing a displacement pile or expansion of a pressuremeter membrane.  The severe 
disturbance of the soft soil and the subsequent dissipation of excess pore pressures were 
noted.  Numerous samples were taken and about 1400 laboratory tests were performed, 
including consolidation tests, cyclic simple shear tests and unconfined compression tests. 
Two to three months after installation of the sand compaction piles, for regions within the 
grid of improved soil and very near it, a significant increase in shear strength was 
observed, which could not be explained by any of equations 1.1-1.19 (Fig. 1.11).  Also, a 
decrease in the liquidity index with time after installation was observed.  
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Asaoka et al. (1994b) presented data from a project in Yokohama whereby undrained 
shear strength was seen to increase appreciably over a period of 45 days without 
application of any surcharge (Fig. 1.12). A simulation of the “set-up” effect was 
performed by Asaoka et al. (1994b) using triaxial apparatus.  The triaxial specimen in this 
case was not to be considered as a soil element but rather a soil mass with frictional 
boundaries. Uniform distribution of stresses or strains cannot be expected in this set up. 
The remoulded Kawasaki clay sample was rapidly loaded to 12.5 % axial strain with the 
drainage valves closed (A to B, Fig. 1.13).  The valves were then opened for 24 hours to 
allow dissipation of excess pore pressures (B to C).  Then, the valves were closed and the 
sample again loaded in undrained compression (C to D).  The shear strength in the second 
stage was found to be about 1.6 times larger than that in the first stage.    
 
1.6 Objective of present study 
 
The design methods for granular columns and SCPs focus on the mechanisms that govern 
the failure of the improved ground, but takes little or no account of the changes in the 
stress state or shear strength of the ground in post-installation. It is left to the engineer to 
decide on the strength parameters to be used in the design. There have however been 
studies that indicate a significant increase in shear strength of the clay apart from the 
application of surcharge. The purpose of this study is then to develop and verify a simple 
method of predicting this increase in shear strength of soft clay, and assess its impact on 
the bearing capacity of the improved ground.  
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The specific issues to be addressed will be discussed in the next chapter after previous 
research work has been reviewed. Chapter 3 will present the experimental equipment and 
procedures used in the present study. Chapter 4 will discuss the results of the centrifuge 
model tests, in particular the assessment of the bearing capacity of the ground from load-
settlement plots. Chapter 5 will present an approach to predict the increase in undrained 
shear strength of the ambient clay due to the SCP installation process. The impact of this 
increase on the bearing capacity of the composite ground is then assessed. Finally, 









i.-ii. A casing is driven into the ground by vibration. 
 
iii. When the specified depth is reached, the casing is charged with sand via 
a hopper. 
 
iv. The casing is then drawn up a little, forming a short length of sand pile 
with the aid of compressed air. 
 
v. The casing is again driven downwards by vibration to compact the sand 
pile and enlarge it’s diameter. 
 
vi-vii. More sand is added and steps iv.-vi. are repeated till the sand pile reaches 
ground level 
 





















Fig. 1.2: Typical profiles of ground improved by SCPs at the Kwang-Yang Still 
mill complex and surrounding area (Shin et al., 1991) 




























Fig. 1.4: Circular sliding surface analysis (Aboshi et al., 1985)  




















Fig. 1.7: Settlement ratio for single footing (Priebe, 1995) 


















Fig. 1.9: Shear strength ratio suf/su with time (after Aboshi et al., 1979) 
Fig. 1.8: Settlement ratios for strip footing (Priebe, 1995) 
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 Fig. 1.11: Effects of SCP driving on shear strength (Matsuda et al., 1997) 














Fig. 1.12: Increase in qu for Yokohama (Asaoka et al., 1994b) 
Fig. 1.13: “Set-up” experiment using triaxial test apparatus (Asaoka et al., 1994b) 
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Most of the field studies that have been reported thus far (e.g. Hughes et al., 1975; Gopal 
Ranjan & Govind Rao, 1983; Greenwood, 1991) involve stone columns formed by vibro-
replacement or vibro-displacement, with a minority involving SCPs formed by the 
“Compozer” method (e.g. Nakata et al., 1991; Yamamoto & Nozu, 2000). Centrifuge 
studies conducted so far (e.g. Terashi et al., 1991a; Rahman et al., 2000a, Al- Khafaji & 
Craig, 2000) generally do not differentiate between installation methods, though there are 
different methods of preparing the model granular columns. Numerical studies have 
focused primarily on load transfer and failure mechanisms, much like the design methods, 
though a few have addressed the issue of installation effects. 
 
2.2 Field studies 
2.2.1 The behaviour of a single granular column 
 
Hughes et al. (1975) report a field study of plate loading on an isolated stone column in 
soft clay. The site, Canvey Island is on the north bank of the Thames estuary, with soft 
alluvial clay interleaved with sandy lenses, overlying compact Thames gravel. In addition 
to Dutch cone, in-situ vane shear and triaxial tests, Cambridge pressuremeter tests were 
performed to determine the in-situ lateral stress and the radial pressure-deformation 
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properties of the soil. Menard pressuremeter tests were also performed. The initial 
predictions based on Hughes & Withers (1974) and Bell (1915), were found to 
significantly underestimate the ultimate load (Fig. 2.1). Upon investigation, one possible 
reason was that the column diameter was assumed to be 660mm, according to the 
dimensions of the vibroflot. Hughes et al. (1975) re-estimated the column diameter at the 
upper 2m to be 730mm, according to the amount of gravel used. Using the same input 
data, the new calculated ultimate loads agree better with the field data (Fig. 2.2). It was 
found that the ultimate load estimated by using the limiting pressure from the Cambridge 
pressuremeter tests agreed best with the field data (Fig. 2.2). Also important is the 
observation that the shape of the failed column matches the proposed deformation 
mechanism observed in small model tests by Hughes & Withers (1974). The significant 
underestimation of the column load based on Bell (1915) was attributed largely to the 
assumption of plane-strain conditions. 
 
Bergado & Lam (1987) reported full-scale load tests on 13 granular columns installed by 
a cased borehole method. This method of installation does not, in itself, induce any cavity 
expansion deformation on the surrounding soil. The columns were installed in soft, 
compressible Bangkok clay, overlain by a weathered crust. The granular piles were 
formed at different densities and with different proportions of gravel and sand. Each pile 
measured 0.3m in diameter and 8m in length. Compaction was done by dropping a weight 
of 160kg from 0.7m height for each lift; this process possibly inducing some displacement 
in the surrounding soil, if conducted after removal of casing. Each lift was between 0.5 to 
0.7m high. As expected, the ultimate pile capacity was greatest for the columns formed of 
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pure gravel, with the greatest degree of compaction, at 3.5 to 3.75 tons. Post-test 
excavation showed that the maximum bulge occurred near the top of the pile, 0.1 to 0.3m 
from the ground surface. This is consistent with the observations of Hughes et al. (1975) 
where the maximum bulge occurred at a depth of between one-half to one pile diameter. 
Bergado & Lam (1987) noted that most of the observed values of ultimate load fall in 
between the predictions of Hughes & Withers (1974) and Hughes et al. (1975). As the 
mode of deformation is consistent with Hughes et al. (1975) and pressuremeter 
measurements were used to obtain the in situ radial stresses, this finding is not surprising.  
 
Gopal Ranjan & Govind Rao (1983) also reported load testing of granular columns on two 
sites. The columns were made of alternating sand and gravel layers formed by drop-
hammer compaction in an uncased borehole. For the first site, the in-situ soil was loose 
(0-3m from surface) to medium dense (3-7m from surface) sandy deposits. For the second 
site, the soil was sandy clay (0-3.5m from the surface) and poorly graded sand. Skirting 
made of pre-fabricated pipe units were placed around single piles and pile groups (of 2, 3, 
4 and 5 piles). The load-deformation curves for the “floating” piles (Fig. 2.3) show 
approximately elastic behavior followed by elasto-plastic behaviour until ultimate stress is 
reached. As expected, the un-reinforced soil exhibits non-linear behaviour throughout the 
loading. The unskirted granular pile reaches ultimate stress at about 10% of the smallest 
footing dimension. No predictions of ultimate strength were presented, but this series of 
tests demonstrate the wide applicability of the granular column method, using the simplest 
of installation methods.  
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Greenwood (1991) reviews the methods of load tests in several case studies. In a project 
in Uskmouth, two pressure cells were embedded in an isolated column. Bulging resistance 
was calculated at 630 kPa while a Chin hyperbolic plot (see section 4.4.4; Chin, 1970) 
suggested an ultimate stress of 704 kPa. Upon inspection of the stress readings from the 
cell nearer the surface; the measured stress in the column was found to have exceeded the 
applied stress, which appears impossible (Fig 2.4). Greenwood (1991) postulates that 
stress redistribution could have occurred due to the deformation of the soft clay beneath 
the crust. This may have caused the crust to transfer part of its weight onto the column via 
skin friction. 
   
2.2.2 Behaviour of column groups 
 
Bhandari (1983) reported the performance of a large floating roof tank, 79m diameter and 
14.4m high in India on a stone column foundation. The tank overlies a silty sand fill 
followed by 7m of loose sand/ silty sand and soft clay. Below this lies dense to very dense 
silty sand and hard clay. Bhandari (1983) describes the soil as erratic and states that no 
reasonable profile could be drawn from the borelogs. A main concern in the design of the 
foundation was the potential for differential settlement with potential sloping towards the 
center of the tank being considered to be a critical issue. Ground improvement was 
regarded as necessary. Due to the expected increased load on the column at the edges of 
the tank, the outer ring of columns was installed at a smaller spacing. Four “rings” of 
columns extended beyond the periphery of the tank (Fig. 2.5). The columns were 
constructed with a 0.38m diameter vibrofloat by a “wet” process. Before commencement 
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of the construction process, several columns and column groups were load-tested (Fig. 
2.6). Upon completion, the tank was hydrotested with 13.3m of water. The distortional 
settlements were within safe limits (Fig. 2.7), but Bhandari (1983) recommended that 
higher column density be used in the periphery.  
 
Greenwood (1991) reported the failure of a stone column foundation system for a 
spherical LNG tank near Bombay, India. Based on load tests on single and dual column 
groups, which indicated that the settlement was acceptable, the rigid concrete raft was 
constructed and the tank hydrotested by gradually increasing the live load. Upon reaching 
1700 tons of water, the foundation tilted significantly with the average settlement reaching 
300mm. The tilting continued till the total failure occurred. Heaving occurred up to 3m 
away. Greenwood (1991) pointed out that the differing drainage paths and loading 
mechanisms were to blame for the mis-extrapolation. He cautioned that single column 
tests are appropriate for design and performance verification only if they simulate 
prototype loading closely.  
 
Watts et al. (2000) reported full-scale instrumented load tests of strip footings on vibro 
stone columns installed in variable fill. The stone columns were indeed effective in 
reducing the settlements, and the authors reported that the design method proposed by 
Baumann & Bauer (1974) reasonably predicted the settlement of the strip foundation upon 
some modification. Of particular interest to the present study are the observations about 
the lateral stresses generated during poker penetration and stone compaction. Pressure 
cells were placed at 0.9m and 1.5m from the column axis and at depths of approximately 
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0.4m, 0.9m and 1.4m from the ground surface. As the poker reached the level of the cells, 
a significant increase in the stress was seen, and this continued to increase as the poker 
penetrated deeper. Withdrawal of the poker for the addition of the stone fill resulted in a 
drop almost back to pre-penetration levels. Dynamic probing after column installation 
(Fig. 2.8) showed a significant increase in the blow counts in the granular layers of the 
fill. Watts et al. (2000) also noted an increase of blow count in the clayey layer also.  
 
Yagyu et al. (1991) gave details of a loading test carried out at the Maizuru Port on a low 
area replacement ratio SCP improved grid. The test site was chosen because of the 
presence of a thick layer of soft alluvial clay (with unconfined compressive strength 
ranging from 5 to 60 kPa), small wave height in the nearshore region and small tidal 
range. The field test was divided into three stages, namely: (i) Installation of the SCPs. (ii) 
Drained loading. (iii) Undrained loading till failure. The area ratio tested was 25%, with 
one side of the grid (away from the loaded area) improved at 70% area ratio to control the 
direction of failure (Fig. 2.9). The reduction of the shear strength of the soil was 
approximately 30% immediately after installation. After 4 months, the strength had 
returned to approximately 90% of the original. Gradual, drained loading commenced at 4 
months, with the expected increase in shear strength due to the surcharge and the weight 
of the concrete caissons. Undrained loading was done by rapidly filling the caisson and 
loading tanks with water. Failure occurred at about 104 kPa. Post-failure ground 
investigation (Fig. 2.10) shows that failure occurred in a near circular slip surface. This 
seems to lend weight to the standard method of analysis by the modified Fellenius method 
(Aboshi et al., 1979). This finding is crucial because the assumption of the failure mode 
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determines the choice of the design method and hence the prediction of ultimate load. 
Because of the importance of the stress concentration ratio in design, Yagyu et al. (1991) 
present the results of four independent back-calculations for it. The authors concluded that 
the back-calculated stress concentration ratio range from about 2-4, and that a value of 3 
is best suited for design, being slightly conservative.  
 
Terashi et al. (1991b) reported on the same field trial in Maizuru Port, noting that 
analyzing the problem as a plane-strain situation with n=3 leads to a factor of safety of 
0.92. When a 3-D cylindrical slip- surface is considered, the factor of safety is computed 
as 0.98. This lends some confidence to the use of the stability method first proposed by 
Aboshi et al. (1979). Terashi et al. (1991b) also noted that any prediction will involve a 
degree of error, and showed how a simple control diagram, proposed by Matsuo & 
Kawamara (1977), can be a useful tool in predicting the failure and hence safeguarding 
the stability of the structure.  
 
2.3 Centrifuge studies 
2.3.1 Bearing capacity/ Stability studies 
 
Kimura et al. (1991) studied the behaviour of SCP improved ground under vertical and 
inclined loads. The width of the improved area was varied and various load combinations 
were tested. Remoulded Kawasaki clay was used for the in-situ material and the sand piles 
were made of Toyoura sand. The model sand piles were prepared by what has been 
termed the “frozen pile” method (e.g. Kimura et al., 1985; Lee et al., 2001). This method 
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involves placing saturated sand into test tubes or cylindrical moulds of the desired inner 
diameter, and then freezing the water. What results is a frozen column of sand that can 
then be easily inserted into pre-drilled holes in the model ground. The piles are then 
allowed to thaw gradually. The effects of the installation method on the performance of 
the ground have been studied by Lee et al. (2001); this aspect will be discussed later on. 
In the first test series by Kimura et al. (1991) to simulate vertical loading from fill, 
loading was done by in-flight formation of a sand embankment, in stages as well as 
rapidly. Slip surfaces were identified by in-flight photography. The SCPs were found to 
alter the failure mode from general shear failure to something closer to local shear failure.  
 
In the second series, a model caisson was used, with the loading applied laterally by a 
compressed air driven bellofram cylinder. An early concern was that under lateral loading, 
SCPs would fail progressively in a domino-like manner. A post-mortem photograph 
shows that the SCPs do not fail in such a way, and Kimura et al. (1991) conclude that 
SCPs are indeed effective for resisting lateral loads as well. However, Kimura et at. 
(1991) noted that in this test series, the vertical loading on the ground behind the model 
caisson (from the self-weight of the fill) was not modeled, hence the results are of limited 
interest. Hence in the third series of tests, the model caisson was loaded by in-flight back-
filling of zircon sand. The measured stress concentration factor varied from 3-4. The 
authors concluded that the slip-circle method of analysis (e.g. Aboshi et al., 1979) gives a 
reasonable prediction of the failure load.  
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Terashi et al. (1991a) list seven factors that influence the bearing capacity of the improved 
ground, namely: 
 
1. Shear strength of the sand compaction piles 
2. Area replacement ratio 
3.  Geometric conditions (such as the width of improved area relative to the 
foundation width) 
4. Ratio of the length of the SCPs to the depth of the soft clay layer 
5. Shear strength of the original soft clay between the SCPs 
6. Shear strength increase of the soft clay due to preloading 
7. External load conditions (loading rate, eccentricity and inclination) 
 
Terashi et al.’s (1991a) centrifuge experiments were performed with SCPs of medium 
density, at area replacement ratio of 0.28, in normally consolidated Kaolin clay. Two of 
the tests show the effect of the consolidation of clay. The authors state that there is a 
marked influence of consolidation on the bearing capacity observed (Fig. 2.11, curves No. 
1 & 6). For No. 6, a wider area had been pre-loaded to a higher load than cases 1 to 5. The 
pre-loading increases the shear strength of the ground in between and around the SCP 
grid. Thus the increased bearing capacity is not surprising.  
 
Kitazume et al. (1996) performed a series of tests investigating the stability of a revetment 
on improved soft clay, using copper slag to construct the SCPs. Two types of tests were 
conducted, vertical load tests and sand backfill load tests. Earth pressure measurements 
 2-10 
beneath the caisson indicate a stress concentration ratio of 3 (Fig 2.12), which is 
consistent with the findings from other studies (e.g. Yagyu et al., 1991).     
 
Rahman et al. (2000a) performed a series of centrifuge tests to investigate the stability of 
clay improved by SCPs under backfilled caisson loading. It was shown that the weight of 
the caisson significantly affected the stability of the geosystem. The authors conclude that 
there is an optimum caisson weight that will decrease lateral displacements under backfill 
loading. Moreover, widening the improved area towards the fill side of the caisson was 
found to improve the stability of the caisson. For the stability analysis, the Modified 
Fellenius method was used, with a stress concentration ratio of 3.  The authors state that 
as the factor of safety decreases to below 1.2, there appears to be a significant increase in 
the lateral displacement, regardless of the loading conditions or improvement ratio (Fig. 
2.13). It is important to note that Rahman et al. (2000a) did not load the caissons to 
catastrophic failure.  Thus, the calculated factor of safety was not verified experimentally 
in the series of tests.  
 
2.3.2 Settlement/Deformation studies 
 
Comparatively fewer studies have been performed to analyze the deformation behaviour 
of the ground improved by SCPs at working load levels. Rahman et al. (2000b) present a 
comprehensive study on the short and long term behaviour of soft clay improved by SCPs 
at low area replacement ratio. The model study was performed simulating the construction 
sequence of installation of the caisson and backfilling in-flight. The authors highlight the 
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need for studies on ground with low area replacement ratio, the cost of installing SCPs at 
a high replacement ratio (70-80 %) being prohibitive.  
 
Rahman et al. (2000b) also identified factors contributing to the behaviour of the 
improved ground, which were essentially identical to those identified by Terashi et al. 
(1991a). Two area replacement ratios were studied (30% and 50 %), with geometric and 
loading conditions varied. Loading was divided into two parts: the in-filling of the caisson 
with water and the backfilling with sand. The authors noted no substantial lateral 
movement during the loading of the caisson. The load applied in addition to the weight of 
the caisson averaged about 70 kPa for all tests. The caisson self-weight was not given by 
the authors and hence it is difficult to know the stress state of the soil upon 
commencement of loading.  
 
The factor of safety was calculated using the Modified Fellenius method, with the SCP’s 
assumed to have a friction angle, φ’= 40o. During the caisson loading and sand 
backfilling, the stress concentration ratio was assumed to be 3. Under rapid loading, 
undrained conditions were assumed; that is a stress concentration ratio of 1. From stress 
measurements at the base of the model caisson, values of 2.5 - 5 were obtained. The 
authors cautioned that taking stress measurements using miniature pressure cells was 
difficult and hence subject to some errors but concluded that the assumption of a stress 
concentration ratio of 3 is reasonable.  As with Rahman et al. (2000a), the calculation of 
the factor of safety in this study was not verified by loading till failure. 
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Al- Khafaji & Craig (2000) performed a series of centrifuge tests where up to 572 sand 
columns were installed in the test bed for a three-dimensional, axisymmetric analysis of a 
tank founded on soft clay. Both loose and densified sand columns were tested.  The 
columns were formed by pouring and vibrating sand in pre-bored holes in the clay bed. 
Al-Khafaji & Craig (2000) did not quantify the effective stress ratios in the improved 
ground.  Rather, the authors concentrated on point pore pressure measurements and 
settlements. These shed light on drainage performance at certain points as well as the 
global performance of the composite ground under the loading situation.  The authors 
pointed out that these are routinely measured and monitored in actual construction. As 
shown in Fig 2.14, the beneficial effects on an increased area replacement ratio on the 
settlement at the center of the tank are evident. There is a high degree of internal 
consistency in the results. 
 
Al-Khafaji & Craig (2000) also made a comparison with the design method proposed by 
Priebe (1995) for an infinite load area on an infinite column grid in terms of the ratio of 
the constrained moduli of the soil and column materials, Es and Ec respectively. These 
were obtained from oedometer tests, and were therefore relevant to drained conditions. 
Al-Khafaji & Craig (2000) back-calculated the modular ratio Ec\ Es in order to give 
guidance on the value that might be used in a design situation where the settlement/ 
deflection needs to be determined in a “Class A” type of prediction. Fig. 2.15 shows a 
comparison of Priebe’s (1995) analysis for a mean modular ratio of 7.0, with varying 
angles of friction. As can be clearly seen, the results seem to imply that the improvement 
predicted by Priebe’s (1995) solution over-estimates the improvement, even at an 
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assumed friction angle,φ’ of 300. While no direct measurement of the friction angle was 
possible, it is not unreasonable to assume a friction angle of 35-400 for the densified sand 
columns; on the other hand, φ’ of 30° is likely to be an under-estimate. Al-Khafaji & 
Craig (2000) proposes that the over-estimate using Priebe’s (1995) method is because of 
the very deep layer of clay that was modelled in the centrifuge tests and also the 
“unlimited load case” assumed. Referring to the work by Ng et al. (1998), the authors also 
acknowledged that the preparation of the sand columns at unit gravity would likely have 
lowered the stiffness of the model, similar to the effects of installing a pile at unit gravity 
versus pile installation in-flight (Craig, 1984). They concluded that the difficulty in 
making a “Class A” prediction lies in assessing the soil stiffness and its changes in the 
course of construction.  
 
2.3.3 Studies on installation effects 
 
To date, most of the centrifuge modelling of SCP improved ground has utilized the high-g 
environment for the loading of the ground, and not the installation of the SCPs. This is 
because it is a rather more complex task to install the model piles at high-g. Thus, these 
modelling techniques suffer from two of the same deficiencies which the conventional 
design procedure also suffers from, namely, the failure to account for the increase in shear 
strength of the soft clay due to the installation process, and the incorrect lateral confining 
stresses on the compacted sand columns. For example, in the case of SCP installation in 
sandy ground, Barksdale & Takefumi (1991) concluded that misleadingly high SPT 
values in the vicinity of the SCPs, without correspondingly large increases in relative 
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density can be attributed to a significant increase in the lateral stresses during installation 
of the SCPs. 
 
Using a displacement method at 1g, in which sand was forcibly injected into the soft clay 
bed, Lee et al. (1996) demonstrated the difference in the performance of the improved 
ground due to the installation method employed. Subsequently, an in-flight sand 
compaction pile installer was developed in the National University of Singapore (NUS) 
Geotechnical Centrifuge Laboratory. This development is described in full by Ng et al. 
(1998) and details of the apparatus will be given in a subsequent chapter. Using the 
apparatus, Lee et al. (2001) performed a series of centrifuge tests that involved 
incremental g-level loading of the improved ground by a sand embankment pluviated at 
unit gravity. The authors showed that the “frozen pile” method of installing the sand 
compaction piles at unit gravity under-predicts the performance of the SCP grid. 
Furthermore, the authors postulated that a slight shrinkage of the sand pile upon thawing 
would actually reduce the lateral stresses acting on the sand pile below Ko conditions, 
perhaps closer to Ka.  
 
Using the same apparatus, Lee et al (2002) performed a series of centrifuge tests to study 
the pore pressure response of ground in the installation process. It was shown that the pore 
pressure response of the ground could be described by a plane strain cavity expansion 
model, with an empirical reduction factor for shallow depths to account for the heaving of 
the soil. Lee et al. (2002) suggested that the plane-strain cavity expansion theory (Vesic, 
1972; Randolph & Wroth, 1979) can reasonably predict the increase in pore-pressure at 
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depths of 5.5 to 6 times the pile diameter, but over-predicts it at shallower depths. This 
particular work will be reviewed in greater detail in Chapter 5.  
 
2.4 1-g model tests 
 
While small-scale model tests at unit gravity cannot be directly extrapolated to field 
behaviour, there have some such studies that attempt to shed light on mechanics of 
granular columns. Christoulas et al. (2000) describes the testing of two model stone 
columns, constructed in a manner similar to a local field method in Greece, similar to the 
Japanese “Compozer” method. A closed-ended casing was first driven into the ground by 
a donut hammer. It was then partially withdrawn and the end restriction was opened. 
Aggregate was added into the hole and the casing was re-driven downwards. After several 
cycles, the stone column was formed. The model stone columns were constructed in a test 
pit of kaolin clay (Fig. 2.16), consolidated under 126 kPa vertical pressure. The in-situ 
undrained shear strength of the kaolin clay measured by undrained unconsolidated triaxial 
tests ranged between 50 to 60 kPa and 38-45 kPa, measured by field vane shear tests. This 
is higher than the strength of many natural soft clays in which SCPs were installed.  The 
stone columns were formed from crushed limestone aggregate with d50 ranging from 6 to 
8mm and dmax of 20mm; in this discussion d50 is defined as the grain diameter 
corresponding to 50% passing and dmax is defined as the maximum particle diameter.  The 
lengths of the columns were 0.95m, and the idealized average diameter (based on the 
mass of aggregate used) was 0.17m. Pore pressure and lateral stress measurements were 
taken during the loading of the columns. Post-loading excavation and measurements 
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showed that the columns bulged to a depth of about 2.5 to 3.0 times the original column 
diameter, which agrees with earlier observations by Hughes & Withers (1974). 
Furthermore, the deformed shape was found to be very similar to that observed by Hughes 
et al. (1975) for a single granular column formed by vibro-replacement. Excavation at the 
bottom of the test pit showed that the diameter of the column at the base was smaller than 
the idealized diameter of 0.17m. (Fig. 2.17) The authors attribute this to the increase in 
lateral confinement with depth.  
 
Load settlement relationships show that “ultimate load” was not reached for either column 
even though the maximum displacement reached was approximately 0.4 times column 
diameter, at 70mm. Two sets of analyses were performed, the first assuming a “triaxial 
specimen concept”, essentially a cylindrical cavity expansion concept, where the stone 
column without the ambient clay was treated as a triaxial sample, under a certain radial 
stress. The second was a “friction pile concept”, where the stone column was assumed to 
act like a friction pile. For the lateral stress and pore pressure measurements, the triaxial 
specimen concept was found to yield “fairly good” predictions. On the other hand, the 
friction pile concept was found to be inadequate because it essentially implies only shear 
deformation during the loading process. This may be true for a relatively rigid driven pile, 
but not for a granular column.  
 
For the load-settlement analysis, Christoulas et al. (2000) pointed out that unlike a real 
triaxial situation where the radial confining stress remains constant, the actual radial 
stresses vary from some initial value, σ’r0, to some final value σ’rf, at failure. Based on the 
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pressure cell readings, σ’rf was estimated at 250-300 kPa at the mid-level of the section 
which bulged. The authors estimated the initial lateral stress state from existing 
experimental measurements and theoretical findings for driven piles in clay. Comparing 
the test results with experimental data from triaxial tests on granular fill material from 
literature, the authors suggested that the behaviour of the columns in the initial stage of 
the loading can be approximated by triaxial behaviour at very low radial stress. In 
contrast, the bulging of the columns at latter stages of the loading mobilize higher radial 
confining stresses, approximated by triaxial tests at higher radial confining stresses. 
Clearly, a single radial confining pressure cannot be used in the “triaxial specimen 
concept” to fully describe the behaviour of the granular columns.  
 
It was found that prior to the large deformation of the columns by lateral expansion, the 
friction pile concept provides reasonable predictions of the load-settlement curves (Fig. 
2.18). When bulging became prominent (in the present case at about 16 kN), the 
prediction began to deviate significantly. The authors then proposed a tri-linear 
relationship for predicting the load-settlement behaviour (Fig. 2.19). However, they 
cautioned that the findings are only strictly applicable to the tested geometry, material and 
loading conditions, thus should be adopted only for preliminary design computations, in 
absence of specific site loading tests.  
 
Wood et al. (2000) investigated the behaviour of “floating” granular column groups in 
clay under drained axial load. The tests were strain controlled, with the sand columns of 
varying diameters formed from fine sand having d50 of 0.21mm. The columns were 
 2-18 
formed by a replacement process, which involved pouring sand into predrilled holes. Four 
failure modes were identified by the authors in the series of tests, namely (1) bulging 
failure, (2) the shearing of a column, (3) penetration of a short column and axial 
deformation of a long column and (4) lateral deformation like a laterally loaded pile. 
Shear planes through the columns were observed towards the edge of the column group, 
where the displacement discontinuity imposed by the footing was most prominently felt. 
Bulging was observed deeper down, and the depth of the bulging increased with increase 
in the area ratio. Significant interaction between the footing and the columns were seen. 
Wood et al. (2000) stated that it would be pessimistic to neglect the increasing stiffness 
towards the center of a column group. The kinematic constraints that the base of a rough 
footing imposes causes the load to be carried deeper towards the center of the group. Also 
at greater depths, the limiting lateral stress against bulging failure will also increase. 
Hence, an analysis that treats each column in a group as an identical unit cell loses this 
variation with radial location.  
 
2.5 Numerical analyses 
 
Balaam & Poulos (1983) presented finite element solutions for the load settlement 
response of a single loaded stone column. The clay is taken to be undrained and the 
column purely frictional and dilatent. The analysis allowed for three failure modes namely 
shearing along the clay-column interface, yielding within the clay and yielding within the 
column. Comparing the predictions with the load test reported by Hughes et al. (1975), 
the authors concluded that while the methods proposed by Greenwood (1970), Hughes & 
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Withers (1974) and Thorburn (1975) reasonably predicted the ultimate load, the finite 
element analysis more accurately predicted the behaviour of the column at working load. 
It was found that the most satisfactory overall agreement with the field behaviour was 
obtained when a purely adhesive clay-column interface was assumed. Balaam & Poulos 
(1983) proceeded to analyse the behaviour of the improved ground under rigid and 
flexible loadings. For rigid foundations at typical spacings, the vertical flow of pore water 
is insignificant compared to the radial flow into the columns. Also, at initial stages of 
loading, the contact stress on the clay may be greater than on the stone column. As pore 
pressures dissipate, the stresses then concentrate on the stone columns. This indicates that 
the indiscriminate use of a single stress concentration factor in design and analysis may 
give erroneous results. For flexible loadings such as an embankment, Balaam & Poulos 
(1983) observed that settlements are reduced significantly only if the columns are spaced 
at an area ratio greater than 4% and installed to the full depth of the in situ clay.  
 
Asaoka et al. (1994a) pointed out that while the design of SCP ground has been 
traditionally solved by slip-circle analysis (Aboshi et al., 1979), the method does not 
account for several key factors that influence the bearing capacity of the composite 
ground. Three things are highlighted, namely the stiffness of the load on the composite 
ground, the assumed drainage conditions of the sand during loading and the consolidation 
of the ambient clay due to the installation method. In the finite element analysis presented, 
both the sand and the clay were modelled by the original Cam Clay constitutive model. A 
plane-strain model was used, with the piles modelled as a granular pile wall. The authors 
conclude that for a rigid, rough footing, at as < 30%, the assumption of undrained 
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conditions for the sand piles leads to a higher calculated factor of safety. For as > 40 %, 
the fully drained condition for sand gives a higher bearing capacity. The authors attributed 
this to the effects of stress concentration on the SCPs. Fig. 2.20 gives a typical example of 
this scenario, at as = 70%. For a flexible loading case like an embankment, the undrained 
assumption for sand yields the higher bearing capacity, because there is no stress 
concentration in the analysis. The authors simulated the loading by the embankment by 
merely applying a line load of appropriate magnitude on the improved ground. The effects 
of the SCP installation process and the subsequent pore pressure generation were 
discussed in greater detail by Asaoka et al. (1994b).  
 
It may be noted that early work with numerical solutions by Balaam & Poulos (1983) and 
indeed the even earlier work by Balaam & Booker (1981) focused on the mechanism of 
load-transfer and failure of the composite ground. Generally, it is not easy to model the 
stress state of the ground due to the installation process. This is because the large strains 
involved involve large distortions of the finite element mesh leaving the elements 
misshapen and hence unusable.  There has however been some work done to evaluate this 
stress state by numerical techniques. Asaoka et al. (1994b) described a procedure for 
predicting the set-up of the clay due to installation.  The first stage involved a coupled 
soil-water rigid plastic deformation finite element analysis to get the initial stress and pore 
pressure distribution after driving.  Then, using this as an initial condition, a linear elastic 
consolidation computation was performed to get the decrease in void ratio with time. The 
Young’s modulus for the clay at each depth was determined by the following equation: 
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E = α / mv = (α ⋅ υ ⋅ p’) / λ (2.1) 
 
where: 
mv : Modulus of volume compressibility 
α : Empirically determined constant 
p’ : Mean effective stress of clay 
υ : Specific volume 
λ : Slope of the normal consolidation line on a semi-log plot 
 
In this analysis, Asaoka et al. (1994b) assumed Poisson’s ratio as 0.33. From back 
analysis of measured and predicted strength from the Maizuru project (e.g. Yagyu et al. 
1991; Terashi et al., 1991a), a value of the coefficient α = 3 was found to give the best fit. 
The predicted profile based on this method for the project in Yokohama is also given in 
Fig. 1.12, with the calibration coefficient α = 3 used.  It appears that the coefficient is a 
reasonable value even with some over estimate at certain points.  The authors 
acknowledge that the installation process, modelled as a simultaneous cavity expansion, 
differs from the actual field installation technique. However, they reason that the approach 
has the merit of simplicity while still capturing the large displacements involved.  
 
Won (2002) performed a series of finite element analyses more closely modelling the 
actual installation process. Again, a single pile was modelled. The analyses were 
calibrated against lateral stress measurements from a single centrifuge test performed by 
Juneja (2003). The centrifuge test was performed using the in-flight installation technique 
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described by Ng et al. (1998). ABAQUS Standard and ABAQUS Explicit were used in 
the finite element analyses; the soil being modelled as a Mohr-Coulomb material, with re-
zoning and adaptive meshing. The author was able to simulate the driving in of the casing 
and the expulsion of the sand, similar to the centrifuge tests. A variety of Eu/cu ratios were 
tried in order to fit the lateral stresses generated to the centrifuge test data. It is an 
interesting analysis that illustrates the difficulty involved in numerically modelling the 
soil stress state caused by the installation process. The computational effort simply to 
predict the stress state of the soil indicates that such techniques are still not ready to be 
implemented in routine design of multi-column installation.   
 
 2.6 Outstanding issues 
 
As has been shown, there has been a substantial amount of work done on the behaviour of 
single granular columns (e.g. Hughes et al., 1975; Bergado & Lam, 1987; Greenwood, 
1991). However, none of these methods take into consideration the changes in the state of 
the soil caused by the cavity expansion effects induced by the sand compaction piling. 
Furthermore, as pointed out by Priebe (1995) and Wood et al. (2000), there exists a 
significant group effect that should not be ignored in the design of the improved ground. 
Full-scale field tests on column grids, like that reported by Yagyu et al. (1991) and 
Terashi et al. (1991a) are expensive to conduct, taking a long time to execute. Hence 
much effort has been given to centrifuge studies to understand the group behaviour of 
ground improved by granular columns (e.g. Terashi et al., 1991a; Shinsha et al., 1991; 
Rahman et al., 2000a). Numerical studies such as those performed by Asaoka et al. 
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(1994a) have also shed light on the behaviour of ground improved by granular column 
groups. However, it has been highlighted by certain studies (e.g. Asaoka et al., 1994b; 
Matsuda et al., 1997, Lee et al., 2001) that installation effects should be accounted for in 
whatever model (centrifuge or numerical) is used. Advances have been made in this 
direction with the development of an in-flight SCP installer (Ng et al., 1998), and thus far 
some studies have been performed that attempt to describe the installation effects in terms 
of excess pore pressures generated (Lee et al., 2002) as well as total radial stress increase 
(Juneja, 2003). Earlier work (Lee et al., 2001) showed the behaviour of the improved 
ground, with SCPs installed in-flight, under incremental g-level embankment loading. The 
present study seeks to throw light on the behaviour of the improved ground as a group, 
under simple but realistic “rigid” loading conditions, incorporating these installation 
effects, via a series of centrifuge tests. An attempt is also made to quantify the increase in 
undrained shear strength of the ambient soft clay, and to assess the impact of this increase 














Fig. 2.1: Comparison of predicted and observed settlements for single stone 
column load test, for 660mm diameter assumption. (Hughes et al., 1975) 
Fig. 2.2: Comparison of predicted and observed settlements for single stone 









Fig. 2.3: Stress-deformation behaviour of individually skirted and 









Fig. 2.4: Measured stresses in stone column and load-deflection behaviour 














Fig. 2.5: Typical Stone Column Layout for the tank quadrant. (Bhandari, 1983) 
Fig. 2.6: Load test results for individual column, column group and 


















Fig. 2.8: Radial densification of surrounding soil after installation of stone 
columns measure by dynamic probing. (Watts et al., 2000) 










Fig. 2.9: Layout of full-scale load test at Maizuru Port (Yagyu et al., 1991) 
Fig. 2.10: Approximate circular failure surface from post-failure 




Fig. 2.11: Load-displacement relationship (Terashi et al., 1991a) 
Influence of consolidation of clay on bearing capacity shown by comparing curve No. 1 











Fig. 2.13: Relationship between factor of safety and lateral displacement  





Fig. 2.14: Settlement at tank center plotted against tank pressure for various area ratios, 
normalized by clay thickness and average shear strength respectively.  






Fig. 2.15: Comparison between experimental values of settlement improvement ratio Sr 
and those from Priebe’s (1995) solution (Al-Khafaji & Craig, 2000). 












Fig. 2.17: Idealized column diameter and deformed shape of column after tests 





Fig. 2.18: Experimental results and prediction of load settlement curves based on the 





Fig. 2.19: Proposed tri-linear relationship for computation of settlement of a single stone 




Fig. 2.20: Figures illustrating the rigid loading and consequent stress concentration for an 
area ratio of 70% (Asaoka et al., 1994a) 
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3. Experimental Procedures 
 
3.1 Centrifuge modelling 
3.1.1 Introduction to the general principles of centrifuge modelling 
 
The principles of centrifuge modeling are well documented (e.g.  Schofield, 1988; 
Taylor, 1995) and can be easily illustrated by considering the forces acting on a soil 
sample loaded onto a swing platform at the end of a rotating centrifuge arm. Ignoring 





 / r   or (3.1) 
ac  = ω
2
 r (3.2) 
 
where: 
ac : Centripetal acceleration 
vt : Tangential speed 
ω : Angular velocity (rad/s) 
r : Radius of rotation 
 
The force experienced by the soil body in uniform circular motion will be the reaction 
to this centripetal force and hence is directed radially outwards.  The acceleration due 
to the earth’s gravity (called g) is approximately 9.81 ms-2.  When a centrifuge model 
is said to be experiencing Ng acceleration, it means that the acceleration experienced 
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by the chosen point in the soil model is experiencing an acceleration of N-times 9.81 
ms-2 radially outwards.   
 
Hence the self-weight (a force) of a particle at this point is N-times its self-weight 
under the earths gravitational field.  It is important to note that the earth’s gravity still 
acts on the particle downwards, but in centrifuge modelling, the magnitude of this 
force is N-times smaller than the force radially outwards and hence can be neglected at 
sufficiently high g-levels. 
 
The gravitational field experienced by a soil model differs from an ideal Ng field on 
two accounts.  
 
a) The intensity of the field increases with radial distance from the center of 
rotation 
b) It is a radially-directed rather than uniform field 
 
Given the fact that the experimental program does not model any movement in the 
plane of rotation, the Coriolis effect does not affect the modelling process (Schofield, 
1988; Taylor, 1995). 
 
The model soil is of 120mm depth, 250mm width and 520mm length.  The effective 
radius, Re is set according to the following equation (Taylor, 1995): 
 




Re : Effective radius 
Rt : Radius to the top of the model ground 
hm : Height of the model ground 
 
Following this rule, the stress at the two-thirds model depth corresponds exactly with 
the prototype stresses at two-thirds depth.  The point of maximum overstress (i.e. 
where the model soil is stressed above the prototype at the homologues point) is at the 
bottom of the model ground, and the point of maximum understress is at one-third the 
depth of the model ground.   
 
ru = ro = hm / 6Re (3.4) 
    
where: 
ru Ratio of maximum understress 
ro Ratio of maximum overstress 
 
The effective radius used in the series of centrifuge tests is 1871mm while the model 
height is 120mm (Fig. 3.1).  This leads to a maximum overstress and understress of 
about 1.07%. 
 
There have been some centrifuge model studies which attempted to correct for the 
effect of the radially divergent g-field (Taylor, 1995). Zeng & Lim (2002) conducted 
an investigation of the effects of the centrifugal acceleration and model container size 
on the accuracy of centrifuge tests using a finite element simulation. The simulation 
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was of a 600mm wide container of soil depth 200mm, a g level of 50 at various radii, 
and two soil models: Original Cam Clay (Schofield & Wroth, 1968) and linearly 
elastic. They show that the horizontal effective stresses in the model and the prototype 
do differ noticeably. At the centerline, the model shows lower horizontal effective 
stresses than the prototype, and at the edge of the model, near the end wall, the 
horizontal effective stresses are higher than that of the prototype. In the present study 
however, this effect was not considered.  
 
3.1.2 Scaling relations  
 
Scaling relations for both static and dynamic modelling have been extensively 
investigated.  For example, Butterfield (2000) presented a thorough dimensional 
analysis for the scale modelling of fluid flow, involving the general relationships 
between soil-particle size, pore-fluid viscosity and time-scaling.  Bolton & Lau (1988) 
compared the effects of using different particle sizes (flint grit and silica flour) in 
footing tests.  Fuglsgang & Krebs Ovesen (1988) discussed how model laws are 
derived from dimensional analysis and illustrated using a number of problems, namely 
bearing capacity, anchors, penetrometers, retaining walls, explosions, consolidation, 
seepage, slop stability and dynamic loading. Jeng et al. (1998) indicated that scale 
effects do arise in the model simulation of neotectonics (which involve normal, thrust 






TABLE 3.1: Scaling relations (Leung et al., 1991) 
  
Parameter Prototype Centrifuge model at Ng 
Linear dimension 1 1/N 
Area 1 1/N2 
Volume 1 1/N3 
Density 1 1 
Mass 1 1/N3 
Acceleration 1 N 
Velocity 1 1 
Displacement 1 1/N 
Strain 1 1 
Energy density 1 1 
Energy 1 1/N2 
Stress 1 1 
Force 1 1/N2 
Time (viscous flow) 1 1 
Time (dynamics) 1 1/N 
Time (seepage) 1 1/N2 
 
In the present series of tests, dynamic events (such as earthquake loading or cratering) 
do not feature.     
 
3.1.3 The NUS Geotechnical Centrifuge 
 
All centrifuge tests were performed in the National University of Singapore (NUS) 
Geotechnical Centrifuge Laboratory.  The geotechnical centrifuge facility and its 
development are described by Lee et al. (1991).  The centrifuge itself is a conventional 
two swing-platform centrifuge of radius 2m, of capacity 40g-tons. The maximum g-
level attainable is 200g.  Remote data acquisition, power and command transmission 





3.2 Experimental setup- Equipment and instrumentation 
3.2.1 Overview of preparation and testing sequence 
 
The experimental program consists of 3  main stages namely: 
(i) The preparation of the soft clay bed. This was done by placing de-aired clay 
slurry in a strongbox and subjecting it to dead load as well as vacuum 
consolidation.  
(ii) The installation of the model sand compaction piles. This was done by the in-
flight installation method at 50g. 
(iii) The loading of the model ground by a Perspex box resting on the improved 
ground. This was done by in-filling the Perspex box with a heavy zinc chloride 
solution at 50g. At this stage, a computer imaging system was employed to 
capture ground movements and potentiometers used to monitor the box 
movement.  
 
3.2.2 Strongbox and model dimensions 
 
The strongbox used in the test series has internal dimensions measuring 520mm length 
x 260mm width x 250 mm depth.  After the consolidation stage, the clay thickness was 
120mm, resting on a sand/geotextile layer of about 12mm. The model sand 
compaction piles were installed in a grid around the center of the strongbox, and the 
model Perspex caisson box placed on the improved ground. Sand was glued to the 
base of the box to enhance the base roughness.  
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Two Perspex model caissons were used. One measured 100mm x 255mm x 130 mm 
and weighed 2.609 kg while the other measured 100 x 255 x 140, and weighed 
2.005kg (Fig. 3.2). Perspex was used because of the need to have a light-weight box at 
50g, so as not to impose excessive vertical load on the model ground, as well as to be 
able to resist the corrosive action of the zinc chloride solution used to ballast the box. 
The box was placed in the water such that at 50g, it would impose about 6.0 kPa of 
load on the ground because of the buoyancy forces acting at its base. This is 
marginally less that the imposed dead load of 6.5 kPa, during 1g consolidation, and is 
therefore unlikely to cause significant disturbance to the model clay bed. The 
effectiveness of this method was confirmed in Test 1, where a bed of unimproved 
marine clay was loaded till failure. Upon spin-up and high-g consolidation, the ground 
did not show signs of excessive deformation. An earlier steel box weighing 3.1 kg was 
abandoned because of the excessive pressure it placed on the model ground at 50g.  
 
The specific gravity (s.g.) of the zinc chloride solution (ZnCl2) used to load the box 
varied from 1.65 to 1.98 according to the load level required. For higher load levels, a 
denser solution was needed. During loading, miniature pore pressure transducers with 
pressure ranges of 3.5 bars were used to measure the load pressure imposed by the zinc 
chloride solution. 
 
At a g-level of 50, the prototype clay bed which was modelled was a 6m-deep layer of 
lightly over-consolidated marine clay overlying a hard, impervious stratum. The 




3.2.3 Preparation of soft clay bed 
 
Dredged seabed Singapore Marine Clay from the Changi- Tekong area was used in 
this program. The key properties are shown in Table 3.2. The parameters were 
measured in the NUS Geotechnical Engineering Laboratory. 
 
TABLE 3.2: Properties of Singapore Marine Clay used 
 
Parameter Value 
Liquid Limit 88% 
Plastic Limit 34% 
Permeability Index, Ck 0.79 
Compression Index, Cc 0.623 
Swelling Index, Cs 0.152 
 
The clay was remoulded at a water content 1.4 times the liquid limit, and de-aired in a 
vacuum chamber (Fig. 3.3) to ensure maximum saturation. After approximately 6 
hours of mixing, the clay slurry was transferred into a strongbox, the inside walls 
having been greased a priori. A 12mm-thick drainage layer, consisting of sand, 
embedded perforated tubes and geotextile, was also placed at the base of the strongbox 
prior to the placement of the soft clay slurry. The perforated tubes were embedded in 
order to apply the vacuum pressure at a later stage. A geotextile layer was placed in 
direct contact with the clay bed and a rigid top platen was then placed on top of the 
geotextile. The model was first allowed to consolidate under 1g conditions by applying 
dead load via the top platen. The dead load imposed by the platen was increased 
progressively until the overburden pressure was 6.5 kPa. This was followed by 
vacuum-induced consolidation at unit gravity. The vacuum consolidation technique 
and the method of estimating the resulting undrained shear strength are described in 
detail by Robinson et al. (2003). Suction was applied to the base of the clay bed via 
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the pre-embedded perforated tube. The magnitude of the suction was increased 
progressively until a suction of 8.5 inches of mercury (or 28.7 kPa) was reached. 
Therefore, the resulting stress at the base of the clay bed was 35.2 kPa. The use of 
dead load consolidation prior to high-g consolidation leads to an overconsolidated 
state in the top parts of the soil layer and normally consolidated state deeper down 
towards the based. The resultant undrained shear strength varies from about 1.3 kPa at 
1cm depth to 8.3 kPa at the bottom of the sample (12cm depth). At 1g,   the 
consolidation time was approximately 21 days, with some variation due to the rate of 
increase of dead load and vacuum pressure.    
 
Before commencing in-flight installation of the model SCPs, a single miniature pore 
pressure transducer was inserted into the clay bed at about 6cm depth in order to 
monitor the dissipation of pore pressures. Upon dissipation of 90% of excess pore 
pressures at mid-depth, the model ground was deemed to be ready for installation. As 
the model ground had already been subject to vacuum consolidation, the time take to 
reach such a degree of consolidation was considerably lessened. The transducer was 
placed far away from the region of installation. No instruments/ sensors were placed in 
the region of installation.  
 
3.2.4 In-flight installation  
 
The in-flight installation method (Fig. 3.4, Fig. 3.5 (a)-(c)) developed at the National 
University of Singapore in collaboration with the Housing Development Board 
(HDB), Singapore has been fully described by Ng et al. (1998). Only a brief outline 
will be presented here.  
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The heart of the in-flight SCP installer is a hydraulic system (Fig. 3.5 (b)- (c)) for 
delivering sand into a clay bed. The delivery system consists of: 
 
(i) A 1.5 HP hydraulic power pack, mounted on the centrifuge. This drives the 
hydraulic motor that is attached to an Archimedes screw. 
(ii) The Archimedes screw that forces sand out of the end of a steel pipe to form 
the compacted sand columns. 
(iii) A small sand hopper with a steel pipe welded to it, to hold and deliver the sand 
to the bottom of the Archimedes screw. 
(iv) A hydraulic cylinder (Maximum stroke 240mm, bore 50mm), for lowering and 
withdrawing the sand hopper/screw assemblage. The rate of penetration and 
withdrawal are controlled by a hydraulic servo valve in conjunction with a 
linear motion potentiometer (POT).         
 
In order to facilitate the re-positioning of the sand delivery system in-flight, 
components (ii) - (iv) were mounted on top of an X-Y table. By the means of two 
stepper motors driving lead-screws, the sand delivery system can be positioned to 
0.25mm accuracy with the aid of two linear motion potentiometers mounted on the X-
Y table. The X-Y table and sand delivery system is bolted onto the strongbox and the 
strongbox itself is bolted onto the swing-up platform. This is a safeguard against the 
shifting of the container and/or X-Y table as the center of gravity of the model will 





3.2.5 Operation of the X-Y table and in-flight installation  
 
The X-Y table was first positioned at two corners of the pile grid and the x and y 
coordinates, in terms of volts, were recorded. From these two sets of coordinates, the 
coordinates of the other pile locations were determined. Sand was loaded into the 
delivery tube and the centrifuge accelerated up to 50g. Typically, after 10-12 hours of 
flight, installation of the model SCPs commenced.  
 
The casing was driven down by the hydraulic system in about 20s (i.e. at approx. 
6mm/s). The casing was then withdrawn at a rate of 0.5mm/s. The entire installation 
process for one SCP usually took about 240s. The withdrawal rate was pre-determined 
based on calibration tests done before commencement of the test series, and it was 
preset to produce an average model SCP diameter of 20mm. The interval between 
installations of each pile is approximately 120s, this being required for in-flight 
repositioning of the casing. 
 
For the 240s interval, the Archimedes screw was driven by the on-board power pack to 
force the quartz sand out of the casing. As can be imagined, a tremendous amount of 
heat is generated in the process. In order to keep the casing and soil cool, the soft clay 
surface was flooded with water. The Archimedes screw itself wears out fairly rapidly 
due to the quartz sand grinding against the steel, and for each test, a new screw was 
used. The casing, though made of stainless steel, also experiences wear and tear, and 
had to be replaced periodically.   
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Occasional jamming of the screw may occur due to the high frictional forces involved. 
Hence an accelerometer is mounted on the hopper/casing assemblage and the 
vibrations monitored (Fig. 3.6). Should the vibrations decrease or stop, it implies that 
the screw has jammed. The direction of rotation is reversed momentarily to loosen the 
sand. It was found that a pattern of reversing the direction of rotation momentarily 




During the in-flight installation stage, no instruments were used to measure the setup 
stresses, the effects of installation having been studied and discussed by Juneja (2003). 
As mentioned earlier, the objective of these tests is to determine the effects of SCPs on 
the bearing capacity of the ground supporting a caisson box. Only a single PPT was 
inserted into the ground to monitor the dissipation of excess pore pressures.  
 
Miniature pore pressure transducers (Model: Druck PDCR 81, Fig. 3.7) were placed 
inside the model caisson to monitor the fluid pressure during in-filling so that the load 
level imposed by the caisson could be measured accurately. The porous stone tips were 
removed to ensure immediate response of the PPTs to the fluid pressure. The signal 
was low-pass filtered at 10Hz and pre-amplified using a signal conditioner. Linear 
motion potentiometers (Model: Sakae 13FLP50A) were placed above the caisson to 





3.2.7 Imaging system 
 
Image acquisition and processing techniques have become widely used in centrifuge 
laboratories around the world, for example in the Cardiff Geotechnical Centrifuge 
Center in Cardiff, Wales (Davies & Jones, 1998) and the Takenaka Technical 
Research Laboratory in Chiba, Japan (Suzuki et al., 1994). In the NUS Geotechnical 
Centrifuge Laboratory, a relatively new imaging system has been implemented 
allowing the capture of high quality digital images (Kongsombon, 2003). After 
installation of the model SCPs, the Perspex front cover was removed carefully and 
white porcelain beads were placed using a plastic template carefully on the clay 
surface. A Perspex cover was greased with colourless silicone grease and placed on the 
front of the strongbox. The model caisson was firstly greased on the faces in contact 
with the strongbox then placed on to the improved soil bed.  
 
A CV-M1 2/3” CCD Progressive Scan High Resolution Camera (Fig. 3.8) was 
mounted in front of the Perspex window of the strongbox. The camera has a resolution 
of 1300 x 1030 pixels, which allows for the acquisition of high-resolution images. If 
the actual area photographed is 200mm x 200mm, the pixel-to-pixel spacing is slightly 
less than 0.2mm. If the area in focus is smaller, the accuracy is higher. The frame-
grabber in the system is PCVision, a half-slot PCI bus image capture board capable of 
interfacing with standard interlaced (RS-170, CCIR) or progressive scan (VGA) 
cameras. 
 
A 310 x 350 x 80mm computer CPU is mounted onboard the centrifuge, connected 
directly to the CV-M1 camera via its RS23-2 port. This direct linkage allows 
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elimination of electrical noise that inevitably is generated should the signal be 
transmitted via the slip rings to a computer in the control room. The hard disk used in 
the onboard CPU is a solid-state hard disk, and hence more robust than a conventional 
magnetic hard disk, furthermore allowing quicker read/write access. The remote 
control software used is PcAnyWhere©, linked in “direct” as opposed to “internet” 
mode. In the direct mode, the computer in the control room is linked directly to the 
onboard computer using a “cross” type network cable.  This mode is more robust, and 
not subject to the instabilities of the network connection.  Lighting during image 
acquisition was provided by two 50W halogen lamps, mounted on the camera frame 
(See Fig. 3.8). The fluorescent lighting inside the centrifuge enclosure was switched 
off to ensure optimum lighting conditions.  The images were subsequently “stitched” 
together using commercially available software to provide a high quality video, 
enabling the deformation and failure to be captured clearly.  
 
3.3 Summary  
 
The experimental scheme was designed to obtain reliable data about the load-
deformation behaviour of a SCP grid-Rigid foundation system. A key feature in this 
process is the in-flight loading of the SCP grid by ballast fluid rather than by 
incremental g loading as performed by Ng et al. (1998). The centrifuge tests can then 
be “scaled-up” to a prototype that can be analysed with existing design methods. The 
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Fig. 3.2: One of the two Perspex boxes used to load the SCP 
grid rigidly.  













Fig. 3.4: Front and Plan views of setup developed by Ng et al. (1998)  
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Fig. 3.5 (a): XY table mounted on the NUS Geotechnical 
Centrifuge.  
Sand delivery tube 
Stepper motor 
Fig. 3.5 (b): 1.5 HP hydraulic power pack for powering 














Fig. 3.6: The accelerometer fixed onto the hopper/casing 
assemblage for monitoring of sand driving process  



















Fig. 3.7: A Druck PDCR 81 miniature pore pressure transducer 
Fig. 3.8: The in-flight loading setup, showing the high-
resolution camera for acquisition of images during loading.   





4. Centrifuge model tests results 
 
 
4.1 Summary of test parameters 
 
Table 4.1 summarizes the parameters for the four centrifuge tests that were conducted in 
this study. As can be seen, the main difference between the models is the area replacement 
ratio in the improved zone, defined as the total area of SCPs over the total loaded area. 
Figs. 4.1(a) –(c) show the plan view of the centrifuge model tests Ar15, Ar22 and Ar28. 
The center row of model piles for test Ar15 was skewed to one side by 1.5cm because of a 
faulty potentiometer, which affected the in-flight positioning of the SCP installer. This 
asymmetry is accounted for in Chapter 5.  Fig. 4.2 shows the loading setup for a typical 
test.  
 
The loading was performed by in-filling the model caisson with ZnCl2 solution. This is 
different from the system used by Terashi et al. (1991a), which employed a piston to 
apply the horizontal load and a quick lowering of the water level to apply the vertical 
load. The implication of this loading method for the current models is that the foundation 
was free to rotate as well as displace laterally and vertically. The maximum load reported 





TABLE 4.1: Summary of test details 
 





Ar0 0 0 % 28.0 
Ar15 12 15 % 29.5 
Ar22 18 22 % 34.3 
Ar28 23 28 % 59.4 
 
4.2 Failure modes 
 
Figs. 4.3(a) – 4.3(d) shows negatives of the images for model Ar0, which is an 
unimproved model. For visual clarity, all the images will be shown in negative modes. As 
can be seen, the caisson foundation failed in a local shear mode, with very little tilting, 
even though the vertical deflection is very large. Figs. 4.4(a) – 4.4(b) show the 
corresponding images for model Ar15, which has an area replacement ratio of 15%. As 
can be seen, this model caisson fails by settling vertically downwards slightly at first and 
then tilting subsequently. As shown in Figs. 4.5(a) and 4.5(b), model Ar22 displays a 
similar behaviour to model Ar15. Model Ar28 was loaded to a much higher load level 
because of the availability of a new Perspex box and hence the final deformation was very 
large. As shown in Figs. 4.6(a) – 4.6(d), the model caisson punches deep into the ground, 
in a manner similar to Ar0 and then tilts and comes to rest at an angle of almost 45o from 
the vertical. 
 
Thus, all the three models that have been improved by SCPs at various area replacement 
ratios show a similar trend in behaviour, which consists of initial vertical settlement 
followed by tilting at a later stage. This consistent vertical downward movement followed 
by tilting seems to indicate two “modes” of behaviour. The initial settlement is consistent 
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with the buckling and bulging of the sand piles that have been observed by Terashi et al. 
(1991a) and predicted by Wong (1975), Hughes & Withers (1974) and Greenwood 
(1970). This is not surprising in view of the fact that the shear strength of the in-situ clay 
is very low. Given the relatively low strength of the surrounding clay, it is quite possible 
that the sand piles will squash under the caisson while expanding sideways. This is 
supported by Fig. 4.7, which clearly shows enlarged diameters at the top of the sand piles 
after test Ar22. In the case of Ar28, the deformation was so large at the end as to render a 
similar post-mortem impossible (Fig 4.8).  
 
The subsequent tilting of the caisson is likely to be caused by a slip-circle type failure. As 
seen in Figs. 4.4 to 4.6, the displacement of the caisson and ground show evidence of 
rotational slip, with large asymmetric ground movement and ground heave on one side of 
the caisson. This is similar to the slip-circle type failure described by Aboshi et al. (1979).  
 
4.3 Comparison with previous centrifuge studies 
 
As indicated earlier in chapter 2, there has been quite extensive centrifuge work in the 
past, dealing with the bearing capacity of SCP improved ground. Terashi et al. (1991a) 
performed a plane-strain test of a model caisson resting on a sand mat, under which were 
seven rows of SCPs formed by the “frozen pile” method. The caisson rested on top of 
three rows of SCPs with two rows on either side to enhance the confinement on the soil 
directly underneath the caisson. As Fig. 4.9 shows, under vertical loading, achieved by a 
quick lowering of the water level in the strongbox, a wedge of soil equal in width to the 
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caisson punched into the ground, causing shearing of the SCPs. From Fig. 4.9, we see 
how the piles were displaced to one side in an almost flexible manner.  
 
Although the case is not identical to the present study, Terashi et al.’s observation of the 
perspex box punching downwards is consistent with the observation of almost purely 
vertical settlement in this study. However in the present study, there were no additional 
rows of piles outside the footprint of the footing/caisson to constrain its movement; hence 
there was significant rotation after punching had occurred. No additional SCPs were 
installed outside the footprint of the model caisson to simplify the experimental procedure 
as well as to safeguard the X-Y table and the in-flight installer.   
 
Kimura et al. (1991) performed a series of centrifuge tests designed to evaluate the 
performance of SCP improved ground under three different loading conditions. These 
three loading conditions consist firstly of embankment load, secondly a combination of 
vertical and horizontal loads (where the horizontal load was applied by a jack) and finally 
a combination of vertical and horizontal loads where the horizontal load was applied by 
in-flight back-filling behind the caisson, simulating a landfill. Although the load 
application method is different from the present study, it is interesting to note the 
similarities in the deformed shape of the ground after catastrophic failure. Comparing 
Figs. 4.10 and 4.7, we notice similar bulging in the upper portions of the SCP and severe 




4.4 Ultimate load 
4.4.1 General overview of bearing capacity failure 
 
The bearing capacity qu of a foundation, is defined, in principle, as the ultimate load that 
the foundation system can bear. In theory, this may be a peak load or the load at which a 
constant rate of penetration is achieved (Vesic, 1975). However, it has been recognized 
that it is often not possible to pick out an exact qu. Firstly, the shape of the load-deflection 
curve is determined not only by soil conditions and loading rate, but also whether the 
loading is stress controlled or strain controlled. Secondly, as seen in Section 4.2, actual 
foundations may fail in more than one mode. As such, the bearing capacity of one mode 
may well obscure the onset of the other mode. Thirdly, the large deformation which can 
occur in soft soil conditions may help to re-stabilize the foundation. For instance, as the 
caisson settles and tilts, its updated geometry may be such as to mitigate the overturning 
moment. Fourthly, as the base of the foundation settles into the ground, it will try to 
mobilize the deeper and stronger soil. As such, it is not always possible to observe a 
situation of deformation under constant load. A well-defined peak failure load may also 
only be observable in the case of general shear failure. Hence, various ultimate criteria 
have been proposed for the bearing capacity and used. According to Vesic (1975), the 
bearing capacity has been defined variously as  
1. The point at which the slope of the load-deflection curve reaches zero or a steady, 
minimum value (Fig. 4.11), or  
2. The point of break of the load-deflection curve in a log-log plot. (Fig. 4.12), or  
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3. The load at which critical settlement is reached, such as 10 percent of the footing 
depth. This is usually used in the case of footings placed at depth.  
 
Lambe & Whitman (1978) highlighted the differences between bearing stress causing 
local shear failure, bearing capacity and ultimate bearing capacity (Fig. 4.13). They 
defined bearing capacity is defined as the applied stress at which the settlement starts to 
become very large and difficult to predict. However, “very large settlement” and “difficult 
to predict” involves judgment on the part of the engineer. The load causing general shear 
failure is considered the upper limit for bearing capacity. Thus, as the above discussion 
shows, it is seldom easy to estimate the bearing capacity of real shallow foundations from 
their load-displacement curves. This issue will be addressed further in the next section. 
 
4.4.2 Load-deflection behaviour from centrifuge tests 
 
Figs. 4.14 (a) – (e), present the load-deflection data from four centrifuge tests. The 
deflections presented are the vertical deflections of the center point of the rigid foundation 
structure. This was calculated from average deflection of the two potentiometers placed at 
two edges of the model caisson. Fig. 4.14 (a) presents all four tests with deflection in 
percentage width. Figs. 4.14 (b) – (e) present deflection in prototype scale. The loading 
was stress controlled rather than strain controlled, and this should, in principle, allow us to 
discern first break point, which indicates incipient yielding of the ground, similar to the 
point of “first failure” (Vesic, 1975). According to Vesic (1975), the point of “first 
failure” is when the ground undergoes sudden, large plastic deformation under the 
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footing, which may occur rather early in the loading stages. As shown in Fig. 4.14 (b) – 
(e), this point is indeed present in the load-deflection curve, but as observed by Vesic 
(1975), it also occurs rather early. This is not surprising since the soil is relatively soft and 
much of it is either lightly over-consolidated or normally consolidated. As such, only a 
small load is sufficient to initiate yielding of the ground. However, as can be seen from 
the load-deflection curve, the soil is still capable of bearing significantly more load even 
after incipient yielding. This is consistent with the fact that lightly over-consolidated and 
normally consolidated unstructured clays undergo significant strain hardening after 
initiation of yielding prior to reaching critical state. In view of this, it would be 
unreasonable to equate the point of incipient yielding to failure and thus the first break 
point is of little practical value. As has been mentioned in Chapter 3, the Perspex model 
caisson was floated at an appropriate depth such that merely 6 kPa of pressure was applied 
to the clay bed at 50g.  
 
The loading is sufficiently rapid to assume the clay to behave in an undrained manner, 
hence with no increase in undrained shear strength due to consolidation. A fuller 
discussion of the loading rate is found in Section 5.7.  
 
It is perhaps tempting to apply Vesic’s (1963) criteria (Fig. 4.11) to obtain the ultimate 
load. It is simple and intuitive. However, as shown in Fig. 4.14 (a), within the range of the 
recorded data, one is unable to readily identify a point where the gradient of the curve 
reaches zero or even a constant minimum value, except perhaps for the unimproved 
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ground, test Ar0. Furthermore, this method relies heavily on the scale used to plot the load 
deflection curve and is dependent on the one interpreting the graph.   
 
An alternative method of identifying failure is to use the double-logarithmic plot (e.g. 
Vesic, 1975). However, this would normally require the settlement of the footing to be 
about 50% of the width of the footing. For the caisson problem studied herein, it is clearly 
far too large a settlement to be realistic. Thus, the double logarithmic plot cannot be 
applied. Similar to Vesic’s (1963) method, it suffers from dependency on the scale of the 
plot and the individual interpreting the graph. Hence there is a need to adopt different a 
method of defining the ultimate load or ultimate bearing capacity, based on the limited 
data, which will yield internally consistent results. As there were no instruments (such are 
pore pressure transducers or total stress cells) installed under the caisson, the only 
available data is the load-deflection data from the potentiometers and pore-pressure 
transducers placed in the model caisson. 
 
4.4.3 Load-settlement plots for static pile load tests 
 
In the case of pile foundations, the bearing capacity can be estimated by several methods, 
none of which are fully theoretically-based. As shown in Fig. 4.15, several types of load-
deflection plot have been obtained from pile testing. In certain cases, it is not possible to 
identify an “ultimate load”. For instance, in cases (3) and (4) from Fig. 4.15, the load 
settlement curve is approximated by two straight lines with the point of intersection 
regarded as the limit load (Kezdi, 1975).  
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Addressing this issue of the difficulty in selecting the ultimate pile load, Fellenius (1980) 
recommends four methods, all of which give differing values for the same load-deflection 
curve (See Fig. 4.16). These are: (a) the Davisson limit load (Davisson, 1972), (b) the 
Chin failure load (Chin, 1970), (c) the Brinch Hansen 80% criteria (Brinch Hansen, 1963) 
and (d) the Butler & Hoy failure load (Butler & Hoy, 1977). Fellenius (1980) further 
suggested that in order for a definition of failure to be useful, it must be based on some 
sort of mathematical rule and must generate a repeatable value, independent of the scale 
of the plot and the opinions of the individual interpreter. It is significant to note that 
having a theoretical basis is not a requirement for a definition of failure. Indeed, many of 
the methods mentioned above do not have rigorous theoretical basis. It is also significant 
that the criteria set out by Fellenius (1980) are merely to ensure internal consistency in the 
definition. As Fellenius (1980) noted, ultimately the choice of which criteria to use is 
dependent largely on the preference and experience of the designer.  
 
4.4.4 Choice of failure criteria for present test series 
 
As has already been pointed out, no simple definition for “failure” is applicable to the 
present set of load-deflection curves. The Davisson Offset limit load is not applicable to 
caissons. It is defined as the load corresponding to the movement which exceeds the 
elastic compression of the pile by a value of 4mm plus a factor equal to the diameter of 
the pile divided by 120. Since this is a caisson, it is very difficult and indeed irrelevant to 
define the elastic compression. The Butler & Hoy failure load is similarly not applicable 
to the present case of caisson loading. Failure for a pile is defined as the load at the 
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intersection of the tangent sloping 0.05 inches/ton and the tangent to the initial straight 
portion of the curve. The first tangent is specific for piles and no equivalent exists at 
present for footings or caissons.  
 
Brinch Hansen’s 80% criterion assumes that the load-settlement curve is approximately 
parabolic, and follows the relationship  
∆0.5/p   = C1 ∆ + C2    (4.1) 
 
Where ∆ is the deflection and p is the load, or in the present case, the bearing pressure. 
Thus, a plot of  ∆0.5 / p versus ∆ will enable the constants C1 and C2 to be found. Ultimate 
failure is defined as follows: 
 pult   = [ 2 (C1C2)0.5 ]-1   (4.2) 
∆ult  = C2 / C1     (4.3) 
 
Fig. 4.17 shows the plots of Eqn. (4.1) for all four tests. As can be observed, the load-
deflection behaviour of Ar15 and Ar22 appear to be reasonably estimated by the Brinch 
Hansen parabolic plot. However, significant non-linearity can be seen for tests Ar0 and 
Ar28. This suggests that perhaps a parabolic approximation may not be the most 
appropriate assumption. 
 
The Chin Hyperbolic Plot (Chin, 1970) simply involves plotting the total settlement/total 
load (say in mm/kPa) versus total settlement (say mm). Plotted in this manner, we would 
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obtain a straight line if load-deflection relationship follows a hyperbolic relation of the 
following form:  
 
∆/p = M ∆ + B     (4.4) 
 
where ∆ is the deflection, p is the load. Then 1/M would give the ultimate value of p. 
Apart from piles, the Chin Hyperbolic Plot has also been used for load tests on single 
granular columns as reported by Greenwood (1991). In addition, a similar approach has 
also been used to assess the compression indices from standard oedometer tests. Sridharan 
et al. (1987) proposed a method involving plotting t/δ versus t (where t is the time and δ is 
the compression). Further, Tan (1993) and Tan (1995) have shown that a hyperbolic 
method can be used to assess the ultimate settlement of soil strata in the field, for clays 
with vertical drains.   
 
It was decided that the Chin Hyperbolic Plot (Chin, 1970) would be adopted, even though 
it is not routinely done for footings/ shallow foundations. The reasons for doing so are as 
follows: 
 
(a) It fits the criteria of being based on a mathematical rule and is repeatable, 
independent of individual interpretation. 
(c) The load-deflection data conforms reasonably well to the hyperbolic 
assumption as seen in Fig. 4.18 
(b) The failure load predicted by the method, when compared with the actual load 
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deflection curves, give settlements that are banded within the 430 to 650mm 
range in prototype scale. Such values compare favourably with the acceptable 
observed deflections required to mobilize the “ultimate load”, being between 9 
and 13% of the footing width (Vesic, 1975).   
 
It has been recognised that the failure load obtained from the Chin Hyperbolic Plot gives 
values that are high, with accordingly large displacements required to reach it (Fig. 4.16; 
Fellenius, 1980). However, this is consistent with the general understanding of “failure” 
as the point at which displacement increases with no increase in load, what Lambe & 
Whitman (1978) calls ultimate bearing capacity (Fig. 4.13).  For this reason, also, the 
Chin Hyperbolic Plot was used to define the point of failure.  
 
The range of data that is used to determine the “Chin Failure Load” needs to be chosen 
judiciously. Fellenius (1980) warned that sufficient deflection must be allowed before any 
prediction can be made. If applied too early in the test, a false failure load will be 
predicted. Looking at the hyperbolic plots for all the tests (Fig. 4.18), we clearly see non-
linearity in the early stages of each test. Thus it was decided that deflections in the range 
of 100-350 mm would be used to determine the Chin Failure Load. The predicted failure 






TABLE 4.2: Chin (1970) Failure Loads from all tests 
 




(% of caisson width) 
Ar0 23.1 490 9.8 
Ar15 33.9 650 13 
Ar22 39.8 430 8.6 
Ar28 53.2 550 11 
 
For Ar0 and Ar28, the deflections could be read directly from the load-deflection curves 
as seen in Figs. 4.14 (b) and (e). In the case of Ar15 and Ar22, the deflection at the Chin 
Failure Load was deduced from extrapolating the load-deflection curves as indicated in 
Figs. 4.14 (c) and (d).  
 
As the caisson, which initially sits on the surface of the clay bed slowly punches into the 
ground, the overburden pressure at the base level of the caisson increases from 0 kPa. 
Therefore, one has reason to suspect that this has an impact on the observed ultimate load. 
In the case of the unimproved ground, model Ar0, the fully saturated clay can be 
reasonably assumed to be undrained during loading and hence φ can be set to 0. Therefore 
Nq, Terzaghi’s (1943) depth factor is 1.0. Given that the range of vertical deflection values 
used to determine the Chin Failure Load is 100-350mm in prototype scale, it is reasonable 
to use a depth of 225mm of clay to determine the overburden pressure, q, producing this 
“Nq effect”. The bulk unit weight of Singapore Marine Clay in the study is 15.6 kN/ m3, 
hence qNq is 3.5 kPa. We may then reduce the predicted load of 23.1 kPa by that amount 
to give 19.6 kPa. This reduced load is however still above the ultimate load given by the 
point at which the slope reaches a steady minimum value (Vesic, 1963; Fig. 4.11). Thus 
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while there possibly is an Nq effect, it cannot fully account for the ability of the soil to 
bear load beyond the point of first failure (Vesic, 1975). Any estimate of this Nq effect for 
the other models with the SCPs would be difficult as an equivalent value of  φ is not easily 
estimated (Enoki et al., 1991). Furthermore, as the embedment is small, this effect is not 







































































































Fig. 4.3(a): Tests Ar0- State of the ground after 
consolidation, just prior to in-flight loading 
Fig. 4.3(b): Tests Ar0- Early stages of loading. Ground 

















Fig. 4.3(c): Tests Ar0- State of the ground towards end of 
loading. Even at this stage, relatively little rotation.  
Fig. 4.3(d): Tests Ar0- Final resting point of the ground, 
















Fig 4.4(a): Test Ar15- State of the ground just before loading 













Fig. 4.5(a): Test Ar22- State of the ground just before loading 









Fig. 4.6(a): Test Ar28- State of the ground before loading 
Fig. 4.6(b): Test Ar28- State of the ground at an early stage 
of loading. Notice the ground directly under the model 
















Fig. 4.6(c): Test Ar28- State of the ground as loading 
progresses. Notice the ground directly under the model 
caisson continuing to “crinkle” and the caisson beginning to 
tilt. 
Fig. 4.6(d): Test Ar28- State of the ground at the end of 



















Fig. 4.7: Post-mortem picture of one of test Ar22. 
Bulging of the upper portion of the columns is evident.  
Fig. 4.8: Post-mortem picture of test Ar28. The middle 
column appears to bulge, but the deformations are so large as 













Fig. 4.9. Failure mode of SCPs under vertical loading (Terashi et al., 1991a) 













Fig. 4.11: Ultimate load criterion based on minimum slope of load-
settlement curve (After Vesic, 1963) 
Fig. 4.12: Ultimate load criterion based on log-log plot of load-




























Fig. 4.13: Relationship between bearing stresses and bearing 
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Fig. 4.15. Various failure modes and load-deflection curves for piles (1) Buckling 
in very weak surrounding soil; (2) General shear failure in the strong lower layer; 
(3) Uniform strength; (4) Low strength in lower layer, skin friction predominant; 








Fig. 4.16. Comparison of nine failure criteria. (After Fellenius, 1980) 
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Brinch Hanson's 80 % Criteria
















Fig. 4.17: Brinch Hansen (1963) Parabolic Plots 
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Fig. 4.17: Chin (1970) Hyperbolic Plots 
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5. Prediction of shear strength of soft clay 





In order to examine the effects of set-up of the soft clay on the bearing capacity of the 
improved ground, a method of estimating the increase in the shear strength of the soft 
clay due to the installation of the SCP grid must be developed. In this chapter, a 
method of estimating the change in the shear strength of the soft clay is formulated. 
This method is based on the following components: 
 
1. Lee et al.’s (2004) semi-empirical method of estimating the changes in the stress 
state of the surrounding soft clay due to the installation of a single SCP. 
2. Lee et al.’s (2004) empirical method of accumulating the increase in radial stress 
of the soft clay due to the installation of an SCP within a group. 
3. Estimation of changes in the effective stress within a unit cell consisting of soft 
clay and a typical SCP, during dissipation of excess pore pressure after installation 
of SCP. 
4. Correlating the changes in the shear strength to the changes in effective stress state 
of the soft clay within a SCP grid. 
 
These components will be discussed in the following sections. 
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5.2 In-situ strength of clay 
 
The in-situ strength of the clay before SCP installation was predicted according to 
Robinson et al.’s (2003) method. As mentioned in chapter 3, the compression and 
swelling indices were determined to be 0.623 and 0.152 respectively. The void ratio 
(e)- effective overburden pressure (σv’, in kPa) relationship for the virgin compression 
line is as follows: 
 
e = 2.84 – 0.623 log10σv’      (5.1) 
 
The relation for the swelling line is  
 
e = evcl – 0.152 log10(∆σv’)      (5.2) 
 
where evcl is the void ratio at the virgin compression line from where the unloading 
took place and ∆σv’ is the change in the effective overburden pressure. The void ratio-
permeability (k) relationship is expressed by 
 
e = 9.24 + 0.79 log10 k       (5.3) 
 
Robinson et al. (2003) showed that the relationship between depth (y) and pore water 
pressure (u) under suction induced seepage consolidation can be approximated by the 
relation, proposed by Fox (1996) for a clay specimen subjected to conventional 
seepage consolidation:   
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(5.4) 
 
where y is the elevation from the base of the container, ub and ut the pressures applied 
to the bottom and top of the samples respectively, L’m is the depth of the model, σvt is 
the vertical overburden placed on the model ground, Cc is the compression index and 
Ck is the permeability index (The slope of the e-log k plot). In the present study, σvt = 
6.5 kPa, Cc = 0.623, Ck = 0.79, ut = 0 kPa and ub = –28.5 kPa.  . Hence, the resulting 
void ratio may be found.  
 
The vertical stress imposed by the self-weight of the clay in the centrifuge can be 
deduced from Taylor’s (1995) relationship, which is given by 
 











zRtρω  (5.5) 
 
The final void ratio was deduced from the void ratio- effective consolidation pressure 
expressions (5.1) and (5.2). The undrained shear strength was then estimated by the 
following relationship (Schofield & Wroth, 1968) based on the position of the critical 
state line:  
 
cu = 0.5 M exp [ ( Γ- 1 – w G ) / λ ]         (5.6) 
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where M is the gradient of the critical state line in p’ – q stress space, p’ is the mean 
normal effective stress, q is the deviatoric stress, Γ is the specific volume of the clay at 
p’ = 1.0 kPa, w is the water content, G is the specific gravity of the soil, and λ is the 
gradient of the virgin compression line in v-lnp’ space. In the present study, the values 
of M, Γ and λ were taken as 1.0, 3.63 and 0.27 respectively. The values of M and Γ 
were obtained from triaxial tests performed in the NUS Geotechnical Laboratory, 
reported by Robinson et al. (2003), and λ obtained from standard oedometer tests.   
 
Fig. 5.1 shows a typical shear strength profile predicted by this method. For simplicity, 
this profile was approximated by the linearly increasing shear strength profile 
characterized by a rate of increase of cu of 1.327 kPa/m, and with a value of 1.0 kPa at 
0.5m depth. The top surface was assumed to have a cu of 0. As can be seen from Fig. 
5.1, this approximation gives a reasonable fit throughout the depth.  
 
5.3       Prediction of stress state of soil immediately after installation of SCP grid 
5.3.1 Increase in radial stress and pore water pressure 
 
Lee et al. (2004) presented centrifuge model data and proposed a semi-empirical 
method to predict the increase in radial stresses and pore pressure changes due to SCP 
installation. Using the in-flight SCP installer described earlier, Lee et al. (2004) 
installed single piles and small grids of SCP and measured the stress changes and pore 
pressure changes throughout the installation process.  A semi-empirical adjustment to 
the cavity expansion theory was then proposed to estimate the stress build-up in the 
ground near the surface. A superposition process was also proposed for estimating the 
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cumulative changes in the radial stress and pore pressure due to the installation of 
multiple piles.  
 
In Lee et al.’s (2004) cavity expansion calculations, the soil was assumed to be a 
linearly elastic perfectly plastic material. An implicit assumption in Lee et al.’s (2004) 
is that the initial stress state is isotropic, a condition that strictly does not hold in a 
normally consolidated or lightly overconsolidated soil. It should be noted that virtually 
all existing cavity expansion theories assume an isotropic far-field stress state (e.g. 
Vesic, 1972; Randolph & Wroth, 1979). The implications of an anisotropic far-field 
stress state on the cavity expansion calculations have still not been adequately 
investigated (Houlsby & Withers, 1988). 
  
Lee et al. (2004) suggested that one possible reason for the difference between plane-
strain cavity expansion predictions and the stresses induced by the SCP installation 
process is the presence of the free surface, which allows vertical movement of the 
near-surface soil. This heave at the ground surface has been observed and accounted 
for in pile-driving by Randolph & Wroth (1979) by reducing the volume of the plastic 
zone by a factor, β. Lee et al. (2004) noted that this method does not account for the 
divergence from the CET prediction in the radial direction. They did not curve-fit a 
similar β value, but assumed a plane-stress condition near the surface. Lee et al. 
(2004) regarded the constant σv plane stress condition to be a limiting case of 
Randolph & Wroth’s (1979) “leakage of soil” concept. By merging the plane-stress 
and plane-strain predictions (assumed to represent conditions at the top and the bottom 
of the clay layer respectively) using the centrifuge data as a guide, Lee et al. (2004) 
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proposed a semi-empirical relationship for the plastic radius, Rp, which is given by the 
following:  
 
Rp = rscp ( (G/cu)α exp(1-α))0.5                      (5.7) 
α =[ 0.15 (d/rscp)2 ] / [1 +0.15 (d/rscp)2]                      (5.8) 
 
where α is the empirically determined parameter, d is the depth and rscp is the radius of 
the SCP. The factor α is used to empirically merge the plane-strain and plane-stress 
conditions.  
 
However, there is also a divergence from the respective theories from the actual three-
dimensional condition. There is variance with radial distance from the center of the 
pile as well as variance with depth. An empirical curve is fitted to account for this. 
This “3-D factor”, F takes the form of  
 
F = [(d/r)3.33 ]/ [ 1 + (d/r)3.33 ]                        (5.9) 
 
Where d is the depth and r is the radius of interest. This factor is applied to both the 
pore-pressure terms and the radial stresses predicted. This leads to the final forms of 
Lee et al.’s (2004) equations for the radial stress and excess pore pressure due to the 
installation of a single SCP 
 
σr = σv + [(d/r)3.33 ]/ [ 1 + (d/r)3.33 ] { α cu [ ln (G/cu) –1 ] – 2cu [ln (r/rscp) –1]} 
         (5.10) 
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∆u = [(d/r)3.33 ]/ [ 1 + (d/r)3.33 ] { 0.578 (3Af –1) + (2/3) [1-2ln (r/rscp)]  
+ α[ ln (G/cu) - (2/3) [1 + ln (r/rscp)]]} cu 
         (5.11) 
where Af  is Skempton’s pore pressure parameter.  
 
Lee et al. (2004) went on to show that the cumulative increase in lateral stress in the 
installation of a pile-grid is reasonably well predicted by superimposing the 
incremental stresses from each successive pile. However, the same cannot be said of 
the increase in pore pressures. Straight superposition results in an overestimate of the 
excess pore pressures generated. Lee et al. (2004) omitted the shear-induced 
component of the pore pressures generated from the second pile onwards, and noted 
that the pore pressures generated are largely underestimated. They postulated that this 
discrepancy arose because there still remains some shear-induced component since the 
pile spacing is quite wide, and the soil may not have reached critical state after the 
installation of the first pile.    
  
5.3.2 Tangential stresses: First pile  
 
Lee et al. (2004) did not specifically recommend any relationships for estimating the 
corresponding increases in the tangential stresses and the vertical stresses, which are 
necessary in making a prediction of the increase in undrained shear strength due to the 
installation process. In this proposed method, the tangential and vertical stresses are 
also merged in a similar fashion, using the factors α and F. The rationale for so doing 
is discussed further below. This approach can be illustrated by considering the stress 
changes due to the installation of the first pile and that due to subsequent installation 
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separately as the starting stress states are rather different. For the first pile, the change 
in radial stress in the plastic region is given by the relation 
 
∆σr_plastic = F{ α cu [ ln (G/cu) –1 ] – 2cu [ln (r/rscp) –1]}  (5.12) 
 
And hence the radial stress at a given location is given by 
 
σr_plastic = σf + ∆σr_plastic      (5.13) 
 
where σf is the far field stress, K0σv. 
  
This however only accounts for the stress changes within the plastic zone. At the 
present area ratios (15%-28%) certain points near the surface are actually in the elastic 
region. In the elastic region, the change in the radial stress is given by: 
 
∆σr_elastic = (σp - σf) (Rp2/r2)      (5.14) 
 
Hence σr_elastic = σf + ∆σr_elastic     (5.15) 
 
Lee et al. (2004) showed that in both plane stress and plane strain CET, the 
corresponding tangential stress in the plastic region is simply given by: 
 
σt_plastic = σr_plastic – 2cu       (5.16) 
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However, Lee et al. (2004) also indicated that the simple plane stress and plane strain 
CETs fail to fully account for the changes in radial stress in the soil, and that the 
additional empirical factor F is needed to describe the effect of radial distance and 
depth on the radial stress. Lee et al. (2004) did not suggest any reason why the factor F 
is required. However, one can surmise that, when cavity expansion takes place in a 
problem that involves a free surface at the top, there is likely to be upward 
displacement of the soil, with soil moving towards the free surface. This is also shown 
to be so by the finite element results of Asaoka et al. (1994a), Fig. 5.2. Randolph and 
Wroth (1979) also alluded to this when they suggested using the reduction factor β to 
account the “loss” of soil in-plane due to the out-of-plane, upward movement of the 
soil, as illustrated schematically in Fig. 5.3. Since the upward movement is unlikely to 
be uniform, it is quite likely that complementary shear stress will be generated in the 
vertical radial planes i.e. τrt and τtr. The presence of shear stresses are not accounted 
for in the simple plane stress and plane strain CETs. If the soil is assumed to be a 
Tresca material, which fails when the difference between major principal and minor 
principal stress reaches 2cu, then the presence of τrt and τtr is likely to increase this 
difference. Consider the simple scenario shown in Fig. 5.4, in which an element of soil 
is subjected to σr, σv, σt and τrt = τtr. Assuming for the moment that σt is also the 
minor principal stress, and that σr > σv, so that if τrt = τtr = 0, then σr is the major 
principal stress and σv is the intermediate principal stress. If τrt = τtr ≠ 0, then the major 
principal stress σ1 can be deduced from the Mohr’s Circle relationship to be 
 











    (5.17) 
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Substituting Eq. (5.17) into the failure criterion σ1 - σt = 2cu leads to 











   (5.18) 
  < 2cu 











 > 0 for all values of σr, σv and τrt. In other 
words, the presence of the shear stress τrt and τtr in the vertical plane reduces the 
differential between σr and σt required to cause failure. As such, it is reasonable to 
expect that, towards the free surface 
 
σr_plastic - σt_plastic < 2cu       (5.19) 
 
The magnitude of τrθ is unknown and is likely to vary from location to location. It is 
also likely to increase towards the free surface, as vertical displacement and shear 
strain accumulate. It can then be surmised that the departure of σr_plastic - σt_plastic from 
2cu is likely to be greater towards the ground surface, but in a manner which is not 
theoretically determinable as yet. In view of this, the factor F is used to moderate the 
quantity 2cu, in order to describe the differential σr_plastic - σt_plastic which is needed to 
cause failure. This leads to the proposed relationship 
 
σt_plastic = σr_plastic – 2cu F      (5.20) 
 
Therefore ∆σt_plastic = σt_plastic -σf = σr_plastic – 2cu F -σf   (5.21) 
 
In the elastic region however, the stresses are given by the following (Yu, 2000) 
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σt_elastic = σf  - (σp - σf) (Rp2/r2)     (5.22) 
 
Implying that ∆σt_elastic = σt_elastic -σf  = -(σp - σf) (Rp2/r2)  (5.23) 
σp : Stress at plastic radius, σf + cu 
 
However because of the possible presence of shear stresses manifested in heaving and 
warping at the surface, the plastic zone may effectively be extended. Yielding occurs 
when the deviatoric stress q has reached 2cu.  
 
q = {0.5[(σx - σy)2 + (σy - σz)2 + (σz - σx)2 + 6(τ2xy + τ2yz +τ2zy)]}0.5 
         (5.24) 
 
The presence of shear stresses near the surface brings the stress state of the soil 
elements closer to a state of yielding, thus the σr - σt need not be 2cu for the soil 
element to yield. Thus, in the “elastic zone” outside the area defined by the calculated 
plastic radius,  the value of ∆σt_plastic, ( = σf -σt_plastic ) can be utilized to compute this 
lower bound for yielding. Therefore in the “elastic zone”:  
 
∆*σt = Max ( ∆σt_plastic, ∆σt_elastic)      (5.25) 
 
Therefore, for the first pile, the stress state is predicted by the following: 
 
σr_plastic = σf + F{ α cu [ ln (G/cu) –1 ] – 2cu [ln (r/rscp) –1]}  (5.26) 
 
σr_elastic = σf + (σp - σf) (Rp2/r2)     (5.27) 
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σt* = σf + ∆*σt       (5.28) 
 
5.3.3 Tangential stresses: Subsequent piles 
 
For the subsequent piles, the radial and tangential stresses are no longer equal, hence a 
further divergence from the isotropic assumption. With respect to the first pile, the 
radial stress has increased over the far field stress and the tangential stress has fallen 
below it. Lee et al. (2004) have shown from their experimental data that the stress 
increase in the radial direction can be reasonably well predicted by the proposed 
equation. Thus, the radial stress in the plastic zone after the installation of the second 
and subsequent pile would simply be: 
 
σr (n)_plastic = σr (n-1) + ∆σr_plastic      (5.29) 
 
However, the prediction of the tangential stresses poses a problem. The high stress in 
the tangential direction at the onset of the installation of the second pile means that 
simply using 
 
σt (n)_plastic = σr (n)_plastic – 2cu F      (5.30) 
 
may result in a lower stress level than is actually the case. This error will be carried 
forward to the third and fourth piles, resulting a lower stress level. A reasonable 
procedure would be the following: 
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Firstly, calculate the expected change in the tangential stress from the plastic 
formulation: 
∆σt (n)_plastic = σt (n)_plastic -σt (n-1)      (5.31) 
 
Secondly, calculate the expected change in the tangential stress from the elastic 
formulation: 
∆σt (n)_elastic = σt_elastic -σ(n-1)  =  -(σp - σf) (Rp2/r2)   (5.32) 
 
As before in Eqn. (5.25),  
 




σt (n)* = σt (n-1) + ∆*σt       (5.33) 
 
It will be noticed that this method is identical to the prediction of the tangential 
stresses for the first pile. The terms “elastic” and “plastic” refer to the zones defined 
by the calculated plastic radius, but strictly are no longer descriptive of the actual 
stress state of a soil element. In summary the second and subsequent piles, the stresses 
are given by the following: 
 
σr (n)_plastic = σr (n-1) + F { α cu [ ln (G/cu) –1 ] – 2cu [ln (r/rscp) –1]} (5.34) 
 
σr (n)_elastic = σr (n-1) + (σp - σf) (Rp2/r2)     (5.35) 
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σt (n)* = σt (n-1) + ∆*σt , identical to Eqn. (5.33).     
 
5.3.4 Total vertical stress 
 
Under plane-strain cavity expansion conditions, the total vertical stress is given by  
 
σv = ( σr + σt ) / 2       (5.36) 
 
This clearly will not hold in the present condition, with the free surface coming into 
play. Plane-stress conditions however dictate that the vertical stress is equal to the 
overburden pressure imposed by the soil mass. There is therefore, likely to be a 
gradual transition from σv given by plane strain conditions, i.e. Eqn. 5.36, at depth, to 
σv being controlled by plane stress condition, i.e. being equal to the overburden 
pressure, at the free surface. This suggests that the variation of σv with depth is likely 
to be reasonably described by the same type of relationship which describes the 
transition from plane strain to plane stress. In Lee et al. (2004), the parameter α is 
used to describe this transition. For this reason, α is also used to describe the variation 
of σv with depth. This leads to the relationship 
 
σv = [ (σr +σt) / 2] α + γz (1-α)    (5.37) 
 
As can be seen, at small depths, σv approaches γz, which is the overburden pressure. 
At large depths, σv approaches the expression in Eqn. 5.36. 
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5.3.5 Excess pore pressures 
 
Excess pore pressures were generated according to Eqn (5.11), proposed by Lee et al. 
(2004). As noted by Lee et al. (2004), the direct addition of the pore pressures 
predicted by this equation for 4 piles over-predicts the measured value. They 
recommend reducing the predicted value of the excess pore pressures generated by the 
second and subsequent piles by setting Af = 1/3, thus eliminating the shear component. 
Preliminary trials using the average predicted pore pressure show that, in a number of 
locations near the ground surface, negative effective stresses are predicted. This is 
attributable to the fact that, as shown in Fig. 5.5 from Lee et al. (2004), in spite of the 
elimination of the pore pressures generated by the shear component, certain pore 
pressures were still over-predicted. In view of this, in the present analysis, the pore 
pressures generated for the second and subsequent piles were further reduced to 60% 
of the calculated value. As shown in Fig. 5.5, the reduced pore pressure prediction 
forms a lower limit for the measured pore pressure, thereby ensuring that negative 
effective stress does not result.  
 
As mentioned in Chapter 4, test Ar15 requires special attention. Two separate 
geometries of pile grids were analysed to account for the asymmetry. Figs. 5.6 (a) – 
(d) show the 4 geometries analysed. Figs. 5.7 (a)-(d) show the predicted total stress 
profiles from the procedures described above.   
 
As one might expect, the increase in undrained shear strength would be greatest right 
next to the sand pile, where the excess pore pressures and lateral stresses generated are 
the highest. This has been shown by Asaoka et al.’s (1994b) study using a 
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simultaneous cavity expansion, with a free surface. The present approach is to predict 
the stresses and pore pressures at the point in the middle of a four-pile group. This 
implies of course that the shear strength obtained would be conservative.  
 
5.4 Excess pore pressure dissipation analysis 
 
In this study, the excess pore pressure dissipation analysis was conducted using the 
finite element software Sage CRISP (Britto & Gunn, 1987). Fig. 5.8a shows the 
axisymmetric mesh used in the pore pressure dissipation analysis. The modeled 
domain was set up according to the equivalent unit cell (Aboshi et al., 1979) or 
tributary area around the SCPs. This assumes that the grid is of an infinite extent and 
that excess pore pressure within the soft clay in the grid dissipates through the next 
SCP. The SCP material was not modelled. Instead, the SCP-clay interface was 
assumed to be fixed in the horizontal direction, and the pore pressure along this 
interface was maintained at hydrostatic conditions. A similar approach was taken by 
Asaoka et al. (1994a) and Asaoka et al. (1994b). This would in effect simulate a fixed 
“hole” in the clay, with pore pressures dissipating radially and vertically. This is 
clearly an approximation as the sand/clay boundary is, in reality, unlikely to be a 
perfectly fixed boundary. If one assumes that the SCP remains drained at all times and 
that the dissipation of excess pore pressure only applies to the soft clay, then it seems 
reasonable to surmise that, as the soft clay consolidates, the clay domain will shrink 
and the SCP will expand, thereby pushing the SCP-clay boundary outwards. However, 
given that sand pile is also likely to be much stiffer than the soft clay, this outward 
movement is also likely to be relatively small and is unlikely to influence the final 
 5-17 
effective stress state of the soft clay significantly. For this reason, the assumption of a 
boundary which is fixed laterally is unlikely to be unduly conservative.  
 
The soft clay is modeled as a linear elastic material in this dissipation analysis. 
Preliminary analyses using a Cam Clay model show a strong tendency for the analysis 
to terminate prematurely due to transient negative effective stresses, especially in the 
vertical direction. This can be attributed to the fact, in computing the total stress and 
pore pressure profiles in Figs. 5.7, equilibrium in the vertical direction is not 
considered and therefore not necessarily maintained. This issue has been alluded to by 
Randolph & Wroth (1979), who noted that the excess pore pressure due to set-up may 
significantly exceed the overburden stress at the point. The fact that such pore 
pressures are actually measured by Lee et al. (2004) indicate that they are not fictitious 
and that the distribution of stress and pore pressure is likely to be very complex, with 
stress transfer occurring between the material within and outside of the SCP grid and 
between the sand pile and the surrounding soft clay. The implications of this have not 
been fully investigated to date. The use of elastic model in such situations is not 
unprecedented; for instance, although the installation of displacement pile is often 
simulated as an elasto-plastic cavity expansion process, the subsequent dissipation of 
excess pore pressure is often simulated as elastic process (e.g. Randolph & Wroth, 
1979; Houlsby & Withers, 1988). This assumption may be examined from a 
qualitative examination of the stress path which a typical soil element located within 
an installed SCP grid would undergo during the pore pressure dissipation process. Fig. 
5.8 shows the expected stress states of the soil element at various stages of the SCP 
installation. Also shown is an expected yield surface similar to those adopted by the 
original and modified Cam Clay models (e.g. Schofield & Wroth, 1968; Roscoe & 
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Burland, 1968). At the in-situ stage, prior to installation of the SCP, the soil element 
lies on the K0-line as indicated by Point A in Fig. 5.8. Installation of the SCPs causes 
lateral compression of the soil element. If this takes place in a completely undrained 
condition, the soil element will undergo a passive extension stress path, firstly in an 
elastic fashion to Point B and then in a plastic fashion. If the soil element is 
sufficiently near to the SCPs, the passive loading may be sufficient to bring the soil to 
a critical state, at Point C. During this process, the total stress path is likely to move in 
the general direction indicated by Line AD. This implies an increase in total stress, 
which is consistent with the centrifuge model results. For simplicity, a straight line has 
been assumed. However, since the passive extension is not really triaxial (i.e where σ2 
= σ3), the gradient of the Line AD is unlikely to be exactly -3/2. If the soil is then 
allowed to consolidate, the effective stress state will likely move along path C-E, while 
the total stress state will move along path D-E. The exact location of Point E is not 
readily located, since it depends on the depth and radial distance, which affect the 
relative magnitudes of the mean normal effective stress, p’ and the deviatoric stress, q. 
Randolph & Wroth (1979) showed that, if the soil is assumed to be elastic and the pile 
is installed in the free-field, then the total stress will remain constant. However, this is 
unlikely to be the case since the domain of soft clay around each SCP in the grid is 
finite, and in fact, generally very limited. Thus, there is a significant likelihood, but not 
amounting to complete certainty, that the pore pressure dissipation stress path may lie 
beneath the yield surface. This, and the stability and simplicity of the linear elastic 
model, are the main reasons for its choice. The values of the parameters used follow 
those used in the calculation of the total stresses; they are shown in Table 5.1 
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TABLE 5.1: Input parameters for pore pressure dissipation analysis 
 
Parameter Value 
Young’s Modulus at the top, Eo 60 kN/m2 
Rate of increase of Young’s Modulus with depth, M 230 kN/m2 /m 
Poisson ratio, ν 0.3 
Bulk unit weight of clay, γclay 15.6kN/m3 
Permeability of clay, k 1.0 x 10-9 m/s 
 
The stiffness parameters were based on the input G/ cu ratio of 66.7 (or Eu / cu ratio of 
200) as recommended by Lee et al. (2004).   
 
The in-situ stress and pore pressure used in the dissipation analysis are those shown in 
Figs. 5.7. It should be noted that the stress and pore pressure shown in Figs. 5.7 relate 
only to a point located at the centre of a four-pile grid. Juneja’s (2003) computation 
using a similar superposition process shows that this is also the lowest total stress and 
pore pressure of any point within the four-pile grid. By assuming that the stress and 
pore pressure at the centre of the grid applies to every point on the grid, “lower bound” 
values of stress increment and excess pore pressure are thereby obtained. This 
considerably simplifies the entry of in-situ conditions into Sage CRISP. 
 
The total stress profiles in Figs. 5.7 (a)-(d) were converted to effective stresses and 
approximated by piece-wise linear profiles. These were then input into CRISP, with a 
sufficiently long time given for the pore-pressures to dissipate. After SCP installation, 
the centrifuge was kept spinning for an additional 3.5 hours, which is equivalent to 





5.5 Undrained shear strength after excess pore pressure dissipation  
 
As the finite element consolidation analysis was performed with a simple elastic 
material model, direct extraction of the void ratio from Sage CRISP cannot be readily 
achieved as it would be with a Cam clay type model. If however it is assumed that the 
stiffness parameters selected are reasonable, the volumetric strain output can be 
utilized to compute the undrained shear strength based on the position of the critical 
state line as done in Eqn. (5.6).  
 
The specific volume, v is given by  
 
v = 1 + e       (5.38) 
 
Where e is the void ratio. Defining tension and hence expansion as positive, the 
volumetric strain, δεv is given by: 
 
δεv  = δv / v0       (5.39) 
 
δv  = v1 – v0       (5.40) 
 
δv = δe = e1 – e0      (5.41) 
 
Where v1 is the final specific volume, v0 is the initial specific volume, e1 is the final 
void ratio and e0 is the initial void ratio. Hence, 
 
 5-21 
δe = δεv v0 = δεv ( 1 + e0 )    (5.42) 
 
In the case of constant volume shearing,  
 
v = Γ - λ ln pc’      (5.43) 
 
where pc’is the mean normal effective stress at the critical state line, all other terms 
following the earlier definitions. If qc is the deviator stress at critical state, then 
 




cu  = 0.5 M exp [ ( Γ - v ) / λ ]    (5.45) 
 
Therefore, dividing the final shear strength by the initial shear strength leads to  
 
cu (1) / cu (0)  = exp [ ( Γ - v1 ) / λ  -  ( Γ - v0 ) / λ ]  (5.46) 
 
Combining with Eqns. (5.39) to (5.41), leads to  
 
cu (1) / cu (0)  = exp [ -δεv (1 + e0 ) / λ ]   (5.47) 
 
Thus the ratio of increase in undrained shear strength could be obtained from Eqn. 
5.47 and the input parameters (Fig. 5.10). As can be seen, the degree of increase in 
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undrained shear strength at the surface is small, but there is a noticeable increase in the 
magnitude of cu at the bottom of the pile grid. Fig. 5.11 shows Juneja’s (2003) 
measured values and predicted values. At a depth/ diameter of 6, the prediction of cu 
(final) / cu (initial) of about 1.35 for Ar22 somewhat on the low end of the range of 
values measured by Juneja (2003) from vane shear tests conducted at unit gravity after 
in-flight installation of SCPs, for a similar pile spacing. This can be attributed to the 
fact that the starting total stress and pore pressure are “lower bound” values of these 
variables within a four-pile grid. 
 
Asaoka et al. (1994a) performed a finite element simulation of the SCP installation 
process using a simultaneous cavity expansion. The installation of a single SCP was 
modelled and the placement of a sand mat fill was also simulated. Fig. 5.12 shows the 
setup ratios predicted. At the lower portions the setup ratio was predicted to be 1.0– 
1.4 at the region furthest away from the pile. Near the surface, away from the pile, 
Asaoka et al.’s analysis predicts a setup ratio of 1.8- 2.2. This is likely due to the sand 
mat surcharge. However, the setup ratio of 1.0- 1.4 at larger depths seems to be in line 
with the values predicted in the present analysis. This is not surprising, since the 
effects of surcharge decreases with depth (as the self-weight of the clay layer 
increases) whereas that due to cavity expansion increases with depth.  
 
In another study, Asaoka et al. (1994b) isolated the effects of the installation process, 
defining setup ratio as the final undrained shear strength over the initial undrained 
shear strength. Fig. 5.13 shows the setup ratio for the simultaneous cavity expansion 
from 0.6m radius to 0.85m in an 11m clay depth. At 7m depth, furthest away from the 
SCP, the setup ratio was 1.5-1.6. At the 10m depth, furthest away from the SCP (line 
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2), the setup ratio of unconfined compressive strength, qu (and hence undrained shear 
strength also as qu = 2cu) is 1.8-1.9. This corresponds to a depth/ diameter ratio of 5.9, 
close to the depth/ diameter ratio of 6, at 6m depth in the present study. Thus, the 
effects of set-up calculated herein underestimates those predicted by Asaoka et al 
(1994b). Fig. 5.14 shows the respective final shear strength profiles as predicted by the 
analysis.  
 
5.6 Increase in undrained shear strength due to weight of caisson 
 
As the model caisson was ballasted down onto the improved ground, excess pore 
pressure arising from this ballast-induced overburden pressure of 6kPa needs to be 
accounted for. In reality, the caisson load is like to disperse in the improved bed in a 
complicated fashion, which is not readily analysed. In this analysis, the effect of this 
additional overburden pressure was estimated using a simplified method based on the 
assumption that a typical unit cell located within the SCP grid is likely to be 
compressed in a one-dimensional fashion. This is evidently an approximation. 
However, as all of the models are subjected to the same 6kPa overburden pressure, it 
was felt to be adequate for the comparative study. The applied load on the clay varied 
with the area ratio assumed according to the following equation: 
 
σc   = σtotal / [ 1 + ( n – 1 ) as ]    (5.48) 
 
where σtotal is taken as the weight of the ballasted caisson, 6 kPa. The stress 
concentration factor, n, was taken to be 3 in accordance to measurements by Terashi et 
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al. (1991b) from a full-scale caisson load test and design recommendations by 
Barksdale & Takefumi (1991) and OCDI (2002). (See sections 1.4.1.2 and 5.7) 
 
By assuming linear elastic material behaviour, the volumetric strain under one-
dimensional loading can be estimated and the undrained shear strength calculated 
based on the resultant void ratio from Eqn. (5.6).   
 
The increase in effective overburden stress calculated by Eqn. (5.48) is applied to the 
unit cell to determine the volumetric strain and the resultant void ratio. The undrained 
shear strength is then determined from the latter using Eqn. (5.6). As mentioned 
earlier, in reality, the caisson does not impose a truly 1-dimensional loading on the 
ground as was assumed. However, the response of the SCP grid and soft clay to the 
caisson loading is likely to be very complex and cannot be readily analysed within a 
two-dimensional framework. The assumption of an elastic behaviour under caisson is 
also strictly incorrect. It is likely that the volumetric strains at the soft surface due to 
the load would be underpredicted due to this approximation. However, the overall 
effect of this on the bearing capacity of the improved ground is likely to be small since 
the imposed caisson loading for consolidation is only 6.0 kPa.  
 
In the case of the conventional analysis, for the sake of consistency, an elastic model 
was used also, although it would be possible in this case to use a Cam Clay type soil 
model. The respective cu profiles with depth (Fig. 5.15) were fitted with a straight line 




TABLE 5.2: Summary of input and outputs for loading analysis 
 




cu at top 
(kPa) 
cu at bottom 
(kPa) 
Undisturbed - - 0.5 8.1 
Conventional  
Ar0 1.44 6 1.0 8.3 
Ar15 1.44 4.62 0.8 8.3 
Ar22 1.13 4.12 0.7 8.3 
Ar28 0.9 3.85 0.8 8.2 
Modified  
Ar15A 1.14 4.62 0.5 10.5 
Ar15B 1.69 4.62 0.7 10.0 
Ar22 1.13 4.12 0.4 11.0 
Ar28 0.9 3.85 0.6 11.7 
 
In Table 5.2, the “conventional” undrained shear strength values are those computed 
without considering any set-up arising from SCP installation, that is, by assuming in-
situ shear strength for the soft clay and making the above adjustment to reflect a small 
increment in strength under the caisson ballast pressure of 6.0 kPa. In contrast, the 
“modified” undrained shear strength values are those computed considering set-up 
arising from SCP installation using the method described in Sections 5.3 to 5.5 as well 
as the increment in shear strength arising from the caisson ballast pressure of 6.0 kPa. 
As can be seen, at the bottom of the clay layer, the increment in undrained shear 
strength of the soil ranges from 25% to about 40%. This is in general agreement with 
the results obtained by Juneja (2003) from direct strength measurements on the soft 
clay at 1g after installation of the SCP grid. However, Juneja (2003) noted that his 
measurements are likely to lower-bound the actual increase in strength, since they 
were conducted at 1g, during which some swelling and loss of strength could have 
occurred. Using finite element analyses, Asaoka et al. (1994b) predicted an increase in 
strength of about 100%, which is significantly higher than that calculated herein. 
However, Asaoka et al.’s (1994b) finite element simulation assumed simultaneous 
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cavity expansion at all depths of the clay bed. This may over-predict the increase in 
stress and pore pressure in the soft clay. Thus, the current prediction is likely to lower-
bound the actual increase in strength in the soft clay. 
 
At the top of the soft clay bed, there is a slight reduction in the shear strength due to 
remoulding of the soft clay. However, this is unlikely to significantly affect the 
bearing capacity of the clay bed since the initial strength of the clay is already very 
low. 
 
5.7      Bearing Capacity analysis 
 
The bearing capacity analysis was performed using a commercially available slope 
stability program. The method employed is known as the Profile Method (Bergado et 
al., 1996). The SCP rows are converted into equivalent granular strips, modelled using 
a Mohr Coulomb material, while the clay is modelled as a material with linearly 











TABLE 5.3: Input parameters for stability analysis 
 
Material cu at top (kPa) 
Rate of increase of 
cu 
(kPa/m) 
Bulk Unit weight 
(kN/m3) 
Undisturbed Clay 0.5 1.3 
Ar0 1.0 1.2 
Conventional 
Ar15 0.8 1.3 
Ar22 0.7 1.3 
Ar28 0.8 1.2 
Modified 
Ar15A 0.5 1.7 
Ar15B 0.7 1.5 
Ar22 0.4 1.8 
Ar28 0.6 1.9 
15.6 
Material c (kPa) 
φ 
(degrees) 
Bulk Unit weight 
(kN/m3) 
SCP 0.1 30 18 
Caisson 1000 45 Varied 
 
Difficulty arises in the estimation of the shear strength of the model SCP as noted by 
Al-Khafaji & Craig (2000). No direct measurement is presently possible for a column 
that is a mere 20mm in diameter at high g. Most centrifuge researchers have resorted 
to simple estimation of the angle of internal friction of the SCP. For example, Rahman 
et al. (2000a) use the value of φ’ = 40o for the Toyoura sand used, this being the value 
under triaxial compression at relative density equals to 80%. Al- Khafaji & Craig 
(2000) suggested a range of 35o – 40o for their tests. Fig. 5.16 shows the particle size 
distribution of the SCP material, which was collected after the test. Taki et al. (2000) 
examine the properties of clinker ash and fly ash, for suitability for SCP use. As this 
figure shows, the majority of particles lies in the range of fine sand and silt. As Figure 
5.17 shows, at 80% degree of compaction, with a fines content of approximately 64%, 
the angle of internal friction is approximately 31o. This is consistent with the 
recommended value of  φ’ = 30o by Barksdale & Takefumi (1991) and OCDI (2002) 
for SCPs having area ratio less than 30% and 40% respectively. The high fines content 
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of the material used in this study has a similar particle size distribution to that used by 
Taki et al (2000). For this reason, a value of 30o was adopted. Typically, the SCP 
material is taken to be cohesionless. However, for the sake of computational stability, 
the value of the effective cohesion c’ was set at a low, nominal value of 0.1 kPa. The 
undrained shear strength profile of the clay within the improved ground domain, 
highlighted in Fig. 5.15 (b), was determined using the method postulated above. As 
discussed earlier, this is likely to be a conservative estimate of the strength increase. 
Moreover, all of the soft soil outside of the outermost SCP wall is assumed to have 
undergone no changes in strength. This is also conservative since some set-up effects 
are likely to be felt in the soil regime just outside of the improved domain.  
 
The “Profile Method”, as well as most other methods of stability analysis, requires the 
input of some sort of stress concentration factor. Al-Khafaji & Craig (2000) pointed 
out the departure from the assumption of an infinitely wide loaded area that occurs in 
real systems, and its effect on any prediction. In the present centrifuge tests, the 
footing is only 5m wide. As Asaoka et al. (1994a) showed, using finite element 
analysis, the stress concentration factor varies significantly from the piles in the 
middle of the group to the piles at the edge of the group. At present, little is known 
about how the stress concentration ratio varies from the centre to the edge of an SCP 
grid. The best way might be to load the ground through a rigid beam-like element in a 
finite element simulation, assuming that the correct stiffness parameters can be found. 
However, Terashi et al. (1991b) noted, from back analysis of a full-scale load test, that 
the use of a single stress concentration factor, in their case 3, may give a reasonable 
first-order estimate of the bearing capacity.  
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The stress concentration factor however is not only dependent on the geometry/type of 
the loading but the rate of the loading. The Perspex box used to load the model ground 
has a 25mm thick base and is likely to be rigid compared to the underlying soil. There 
is some uncertainty as to whether the loading is drained or undrained. For the present 
study, the clay was loaded at a rate of about 23 - 42 kPa/day, prototype scale. In the 
present experiments, the SCP spacing ranges from 1.6 to 3.2m, center-to-center. 
Assuming a value of cv = 1 m2/year, the shortest drainage path of 0.3m and an upper 
bound equivalent prototype loading time of 35 hours, the calculated value of Tv is 
0.04. Given the small value of dimensionless time, undrained conditions in clay would 
appear to be a reasonable assumption. Thus, the use of undrained shear strength for the 
clay in the analytical model appears reasonable. In contrast, the SCPs are assumed to 
behave in a drained fashion on account of their much higher permeability. If the use of 
undrained shear strength is deemed to be reasonable in modelling the behaviour of the 
clay, then it follows that an appropriate stress concentration ratio is unity (Juran & 
Guermazi, 1988). In reality, the loading is likely to be partially drained, so that the 
stress concentration ratio is likely to range between 1 and 3.  
 
In this back-analysis exercise, two values of the stress concentration ratio were used 
for the caisson live load, taken as the Chin’s (1970) failure load discussed in Chapter 
4, namely 1 and 3. For the initial ballast overburden pressure of 6 kPa, arising from the 
weight of the empty caisson, a stress concentration ratio of 3 is assumed since the 
improved ground was allowed to consolidate under this initial overburden pressure. 
Figs. 5.18 (a)- (d) show the geometries used to model the four tests. Note that the 
asymmetric SCP arrangement of test Ar15 was also modeled (see Fig. 5.18b). Table 
5.4 summarizes the safety factors for the systems calculated assuming in-situ values of 
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cu, hereafter termed “conventional method” as well as modified values of cu 
determined using the method discussed earlier, hereafter termed “modified method”. 
The Fellenius method of slices, as well as Spencer’s method, is used to evaluate the 
stability of the ground (Fellenius, 1936; Spencer, 1967; Bergado et al., 1996).  
As Table 5.4 shows, rather low factors of safety are obtained for n=1. Much higher 
safety factors, which are also closer to unity, are obtained for n=3. This finding is 
consistent with that of previous researchers who also recommended using n=3 for low 
area ratios (e.g. Terashi et al., 1991a; Barksdale & Takefumi, 1991). It also suggests 
that the failure load predicted by the Chin hyperbolic plot (Chin, 1970) might have 
erred on the high side. This is not surprising since theoretically, this ultimate load is 
reached at infinite displacement. The results of Table 5.4 for n=3 are summarized 
graphically in Fig. 5.19. The stated “bearing capacities” are the applied loads 
multiplied by the respective factors of safety.  
 
TABLE 5.4: Safety Factors at n=1 and n=3 for rapid loading 
 
Safety Factor, (n=1) Safety Factor, (n=3) Area ratio 
(%) Setup 
Load 
(kPa) Fellenius Spencer Fellenius Spencer 
0 - 23.1 0.508 0.508 - - 
15 Conventional 33.9 0.623 0.631 0.786 0.843 
15 Modified 33.9 0.652 0.664 0.804 0.853 
22 Conventional 39.8 0.667 0.666 0.867 0.934 
22 Modified 39.8 0.694 0.710 0.905 0.976 
28 Conventional 53.2 0.629 0.616 0.823 0.896 
28 Modified 53.2 0.658 0.677 0.859 0.937 
24 Conventional 39.8 0.703 0.681 0.889 0.974 
25 Conventional 39.8 0.722 0.743 0.899 0.990 
 
With the stated set of parameters, it can be seen that in each case, the modified 
method, with the increased undrained shear strengths give  slightly higher safety 
factors. Also included in Table 5.4 are analyses for areas ratio of 24% and 25% under 
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the 39.8 kPa load, which ignore the effect of the increase in cu due to installation. The 
shear strength profile under the caisson is calculated in an identical manner to the 
other “conventional” analyses. There is some discrepancy between the lowest 
calculated values for the Fellenius and Spencer analyses, but the values seem to 
indicate that accounting for the increase in undrained shear strength allows a degree of 
sand saving. The modified analysis for an area ratio of 22% gives a safety factor close 
to a conventional analysis for an area ratio of 24%. This is roughly equivalent to 
savings of about 8% in the amount of sand required.  
 
The rather slight increase in the factor of safety arising from the increase in cu can be 
attributed to several factors. These are  
1. The concentration of the applied loading onto the sand column arising from the 
stress concentration ratio. Fig. 5.20 (a) and (b) compare the slice forces for a slice 
in the SCP “wall” and a slice in the clay from a representative “conventional” 
analysis, with n=3, indicated in Fig. 5.20 (c). As can be seen, the mobilized shear 
stress in the SCP is significantly higher than that in the clay. This is because the 
sand in the SCP is assumed to be drained and entirely frictional. Thus, with the 
concentration of loading onto the SCP, the normal stress is correspondingly 
increased, leading to a much higher shear stress carried by the SCP, compared to 
the clay. In other words, in this case, the strength of the SCP controls the overall 
stability of the system. Hence the substantial 20-40% increase in cu due to setup 
only results in a marginal increase in the factor of safety. 
2. A large part of the slip surface passes through soft clay which lies outside the 
improved domain. In this region, no increase in shear strength in assumed. 
 
 5-32 
5.8 An extended SCP grid 
 
In real “rigid” loading systems, rarely are SCPs employed only under the loaded area. 
Moroto & Poorooshasb (1991) reported that, at Aomori Harbor, Japan, the SCPs 
extended at least to the edge of any rubble mound on which the caisson is placed. Tan 
et al. (1999) also indicate that the SCP-improved ground domain extended a short 
distance beyond the gravity caissons at the Pasir Panjang Container Terminal, 
Singapore. In their series of centrifuge tests, Terashi et al. (1991a) also extended the 
SCP grid a short distance beyond the model caisson, (Fig. 4.9). Indeed, even in certain 
flexible loading systems, the improved area often extends beyond the loaded are. As 
shown in Fig. 2.5 from Bhandari (1983), the rings of stone column extend a little 
beyond the loaded area.  
 
Fig. 5.21 shows a case where the SCP grid extends beyond the caisson base, similar to 
the model tests by Terashi et al. (1991a). The geometry is identical to that of test Ar22, 
except for the two additional rows of SCPs. Table 5.5 summarizes the calculated 
safety factors for these hypothetical cases for n=3. In the case of the modified analysis, 
the clay ground between SCPs, outside the loaded area were assumed to follow the cu 
profile for Ar22 before application of the 6 kPa load, as shown in Fig. 5.14. 
TABLE 5.5: Safety factors for hypothetical case of extended SCP grid 
 
Safety Factor, (n=3) Area ratio 
(%) Setup 
Load 
(kPa) Fellenius Spencer 
22 Conventional 39.8 0.915 1.060 
22 Modified 39.8 0.991 1.114 
25 Conventional 39.8 0.966 1.117 
27 Conventional 39.8 0.999 1.170 
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As can be seen, the increase in safety factor is now more noticeable under the present 
geometry. And since this geometry is actually a more realistic use of SCPs, it appears 
that accounting for the increase in cu due to installation effects can lead to appreciable 
cost savings. Table 5.5 includes the calculations for area ratios of 25% and 27% done 
without taking into consideration setup effects, but allowing for the effects of the 6kPa 
weight of the model caisson. The area ratios are defined as the total area of SCPs 
under the caisson over the footprint area of the caisson. Fig. 5.22 presents a summary 
of this analysis. Accounting for the increase in cu, the safety factor for a 22% grid is 
close to that of a 25% grid analysed in the conventional analysis. This implies 
approximately a 12% savings of sand used.  
 
Thus, while the increase in undrained shear strength may result in just a small increase 
in safety factor for the limited geometry of the centrifuge tests, the effect is potentially 




































Fig. 5.2. Heave of surrounding soil due to simultaneous cavity expansion, from 1.2m 

















































Fig. 5.4: Schematic of soil element. 
Possible shear planes due to 
heaving 
Heave observed  






























Fig. 5.5.  Comparison of the measured excess pore pressure (x-axis) to that calculated 
without the shear effect (y-axis) in the second and every subsequent SCP installation (Lee 
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Fig. 5.7 (a): Prediction of stresses for geometry A, Ar15 
 


























Fig. 5.7 (b): Prediction of stresses for geometry B, Ar15 
 






















Ar15A- Predicted Total Stresses
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Ar22- Predicted Total Stresses
 
Fig. 5.7 (c): Prediction of stresses for Ar22 
 
 









Ar28- Predicted Total Stresses
 































Fig. 5.8: Approximate stress path of soil element at a certain radius due to SCP 
installation 
 
A-B-C: Effective stress path for “passive extension” 
C-E: Possible effective stress path during consolidation process 
 
A-D: Total stress path for “passive extension” 
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Ratio of final to initial undrained shear strength
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Fig. 5.11: Ratio of measured and predicted final undrained shear strength over initial 
shear strength by Juneja (2003) for pile spacing similar to Ar22.  
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Fig. 5.12: Simultaneous cavity expansion simulation of SCP installation process by 
Asaoka et al. (1994a). (a) Heaving of soil (b) Excess pore pressures generated (c) 




Fig. 5.13: Setup ratio at various locations (Asaoka et al. (1994b) 
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Predictions: Undrained Shear Strength 
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Undrained shear strength after 6 kPa loading





Fig. 5.15 (b): Undrained shear strength accounting for weight of model caisson for 
modified analysis 
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Undrained Shear Strength after 6 kPa loading








Fig. 5.17: Angle of shearing resistance vs. Fines content (Taki et al., 2000) 
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Fig. 5.20 (a): Ar22 (Without setup) Slices- Slice A, Fig 5.20 (c). In SCP 
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Fig. 5.22: Comparison of computed factors of safety for extended SCP grid.  
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This study deals with the effect of sand compaction piles on the bearing capacity of 
caisson foundations. A total of four centrifuge tests were conducted, three involving 
the in-flight installation of model sand compaction piles using the in-flight installer 
developed by Ng et al. (1998). In each test, the model ground was loaded in-flight 
using a ballast fluid, in this case zinc chloride, until the model caissons underwent 
large displacements. The findings of the present study may be summarized as follows: 
1. Two deformation modes were postulated based on model caisson 
movements, captured by in-flight photography and post-loading inspection 
of the model. Firstly, the model caisson settled downward, with little or no 
rotation. This suggests that the sand compaction piles squashed vertically. 
This mode of deformation is accounted for in some design methods, such 
as those proposed by Hughes et al. (1975) and Wong (1975). This vertical 
settlement mode was followed by a second, rotational mode, which is 
consistent with the bearing capacity of the caisson foundation as a whole. 
This mode is the basis of the slip-circle method proposed by Aboshi et al. 
(1979) and the Profile Method (Barksdale & Bachus, 1983; Bergado et al., 
1996). 
2. As no definite “plunging load” (Vesic, 1975) could be determined from the 
load deflection plots, an alternative method of defining the ultimate load 
was required. The Chin Hyperbolic Plot (Chin, 1970) was found to be an 
internally consistent method of assessing the ultimate load for a caisson or 
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footing structure, though not routinely used for footings or other shallow 
foundations. An attempt to use the Brinch Hansen 80% criteria (Brinch 
Hansen, 1963) showed some non-linearity in the plot, hence indicating 
lesser suitability. A double-logarithmic plot (e.g. Vesic, 1975) was also 
found unsuitable as the optimum vertical deflection under the load of at 
least 50% the footing width could not be met.   
3. Based on the data reported by Lee et al. (2004) and Juneja (2003), a 
simplified method was developed to predict the increase in tangential and 
vertical stresses at the center point of a 4-pile rectangular sand compaction 
pile grid arising from the set-up during installation. The radial stresses were 
predicted using Lee et al.’s (2004) method, which combines plane strain 
and plane stress cavity expansion theory empirically from a series of 
centrifuge model tests utilizing in-flight installation of model SCPs. A 
similar method for predicting the corresponding tangential stresses and 
vertical stresses using Lee et al.’s (2004) empirically determined α and F 
functions was also proposed. This method was postulated based on the 
same principle as that proposed by Lee et al., (2004) for the radial stresses 
and pore pressure. The results showed that the proposed method produced 
reasonably self-consistent results. 
4. Using a simple linear elastic model and assuming uniform increase in total 
stress and pore pressure at all radial distances from the sand pile, a pore 
pressure dissipation analysis was performed in order to predict the increase 
in undrained shear strength due to sand compaction pile installation. The 
ratio of the final undrained shear strength over the initial undrained shear 
strength was found to increase with depth and with the area ratio. The ratio 
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was found to be lower than the observed values of Juneja (2003) from 
centrifuge model tests at low area ratios and the finite element method for a 
single pile reported by Asaoka et al. (1994b). This implies that the 
proposed method gives a lower bound solution. This underestimate can be 
attributed to the use of the lowest increase in total stress and pore pressure, 
that at the centre of a four-pile grid, as the representative increase. The 
effects of a 6kPa initial surcharge due to the empty weight of the caisson 
was also accounted for by using the same linear elastic model 
5. Slip-circle stability analyses were performed based on the Profile Method 
(Bergado et al., 1996) with the predicted increased values of undrained 
shear strength as well in the conventional manner of ignoring the increase 
in undrained shear strength due to the SCP installation. It was found that 
for ground with no SCP improvement, the safety factor for Chin Failure 
Load is very low, close to 0.51. This indicates that the Chin’s hyperbolic 
method is likely to give a significantly higher failure load than the stability 
analyses. For the cases where the model ground was improved by SCPs, it 
was found that using the stress concentration ratio, n = 3 as recommended 
by OCDI (2002), Barksdale & Takefumi (1991) and Terashi et al. (1991b) 
resulted in a safety factor closer to unity than the use of n=1.  
6. By using the increased values of undrained shear strength arising from set-
up during sand pile installation, slightly but consistently higher safety 
factors were obtained. In view of the fact that the predicted increase in 
undrained shear strength is a lower bound estimate of the actual increase, 
the estimated increase in safety factor is likely to be a lower bound 
estimate.  
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7. Using the increased undrained shear strength, a sand pile grid with an area 
ratio 22% was found to yield the nearly the same bearing capacity as a sand 
pile grid with an area ratio 24% analysed without considering set-up. This 
suggests, in the caisson configuration tested in the centrifuge, considering 
the effects of set-up in the design can result in approximately 8% reduction 
in the volume of sand required. The percentage reduction in volume of sand 
needed is much lower than the increase in strength of the soft clay because 
most of the load was borne by the sand pile on account of the stress 
concentration ratio and because the soft clay outside the improved zone 
was assumed to be completely unimproved. In reality, there is likely to be 
some spillover set-up effects due to the installation of the outermost sand 
piles; this is not considered. 
8. Under the more realistic geometry wherein the sand pile grid extends 
beyond the loaded area, a grid of area ratio 22%, when analysed using the 
proposed method yielded a safety factor comparable to a grid of area ratio 
25% when analysed in the conventional manner. This represents a savings 
in sand of approximately 12%. This is to be expected since more of the slip 
surface now passes through the improved, rather than unimproved, ground. 
 
6.2 Recommendations for further work 
 
1. Attempt should be made to measure the undrained shear strength of the 
ambient clay in-flight, after in-flight installation of the SCPs. This will help 
to assess the reliability of the proposed method of estimation. This can be 
done with a miniature cone or bar penetrometer that is suitable for very soft 
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soils. Further validation can be conducted against published data, although 
certain soil properties, like initial void ratio and compressibility parameters 
may be difficult to obtain.  
2. The current study only deals with bearing capacity. The effects of set-up on 
the modulus of the soil and thus its working load behaviour and settlement 
characteristics should also be studied. Lee et al.’s (2001) results show that 
the differences in lateral ground deformation between a sand pile grid 
installed using the frozen pile method and that installed using the in-flight 
installer is more significant at lower levels of loading rather than higher 
levels loading. This suggests that the increase in modulus may be more 
significant than the increase in bearing capacity.  This can be done via 
centrifuge modeling or possibly via finite element modeling.  
3. Centrifuge studies should be performed to assess the performance of 
improved ground under other modes of loading, including more flexible 
embankment loading. Although embankment loading studies have been 
reported by Lee et al. (2001), these utilized incremental g-level loading, 
which does not really reflect reality.  
4. A method of determining a more representative value of the increase in the 
undrained shear strength rather than just a lower bound estimate should be 
formulated. In the present study, the total stresses and pore pressures 
predicted were for the mid-point of a 4-pile grid, with variation only in the 
vertical direction. During the dissipation analysis, the stresses at a given 
level were applied uniformly across the finite element mesh. If a horizontal 
profile of the stresses and pore pressures could be predicted, and the 
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dissipation analysis performed with this horizontal variation, it will allow 
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0 0.267833 0 0.267833 0 0 
0.5 8.970914 7.95071 8.93997 0 4.905 
1 19.51067 16.98136 19.05658 0 9.81 
1.5 25.91187 24.3366 24.14887 2.086309 14.715 
2 39.41757 35.70494 35.74643 6.169458 19.62 
2.5 54.48331 49.00349 48.85886 11.23069 24.525 
3 69.71984 63.00668 62.296 16.34799 29.43 
3.5 84.66881 77.07342 75.59324 21.23806 34.335 
4 99.27673 90.98711 88.65314 25.88228 39.24 
4.5 113.5965 104.7048 101.4929 30.32575 44.145 
5 127.6925 118.2402 114.1532 34.61651 49.05 
5.5 141.6181 131.6209 126.6728 38.79277 53.955 
















0 0.152357 0 0.152357 0 0 
0.5 8.431184 7.881291 8.415284 0 4.905 
1 17.32133 16.19897 17.07317 0 9.81 
1.5 26.99007 25.14527 25.88604 0 14.715 
2 30.14531 29.51047 27.46768 3.132257 19.62 
2.5 39.98712 37.9614 35.38176 6.770976 24.525 
3 50.77572 47.39436 44.23314 10.89552 29.43 
3.5 61.86313 57.31331 53.50181 15.02093 34.335 
4 72.93648 67.38933 62.88164 18.98201 39.24 
4.5 83.89148 77.46837 72.24169 22.75905 44.145 
5 94.71127 87.49173 81.53776 26.37719 49.05 
5.5 105.4084 97.4434 90.76145 29.86861 53.955 






















0 0.339718 0 0.339718 0 0 
0.5 9.164008 7.974002 9.104024 0 4.905 
1 14.98834 15.22266 14.19917 0.693898 9.81 
1.5 24.67321 23.40235 22.13499 4.243165 14.715 
2 37.28449 33.89559 32.75302 9.941054 19.62 
2.5 50.90978 45.89879 44.56716 16.02063 24.525 
3 64.54181 58.40588 56.56843 21.859 29.43 
3.5 77.93382 70.96244 68.44342 27.39363 34.335 
4 91.07853 83.41894 80.13829 32.68339 39.24 
4.5 104.0195 95.7424 91.66975 37.79193 44.145 
5 116.8018 107.9387 103.0675 42.7679 49.05 
5.5 129.4616 120.0245 114.3588 47.64588 53.955 
















0 0.602806 0 0.602806 0 0 
0.5 8.220843 7.843101 8.040038 0.015523 4.905 
1 15.68431 15.3198 14.02131 1.790011 9.81 
1.5 28.10009 25.03865 24.40485 7.26769 14.715 
2 43.00145 37.61074 37.56233 14.20303 19.62 
2.5 58.21285 51.41396 51.23586 21.0786 24.525 
3 73.15493 65.48603 64.73787 27.62187 29.43 
3.5 87.77959 79.48856 77.96992 33.87356 34.335 
4 102.1433 93.33244 90.96583 39.90824 39.24 
4.5 116.3074 107.012 103.7761 45.7855 44.145 
5 130.3205 120.5458 116.4438 51.54761 49.05 
5.5 144.2186 133.9569 129.0017 57.224 53.955 
6 158.0277 147.2664 141.4742 62.8353 58.86 
 
Configuration Ar28 
